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Edyta B!ERNATOWSKA1
Lucjan SLECZKA?

STRESSAND STRAIN CONCENTRATIONS
IN STEEL ANGLE TENSION MEMBERS
CONNECTED BY ONE LEG

The paper presents the numerical simulations e@fltnet section failure in

tensioned angles. Angles are made of structural stéh nominal grade S235.
Simulation takes into account ductile fractureiation, by application of Gurson-
Tvergaard-Needleman (GTN) material model. Paragatranalysis of ultimate

resistance was carried out. The finite elementdyses were conducted by
ABAQUS computer program. Shear lag effect in comgd joint was observed, as
a non uniform tensile stress distribution in angfeshe vicinity of a connection.

Stress concentration areas and stress concentfatitors have been predicted,
both in elastic and ultimate behaviour of jointpEsially change of non-uniform

stress distribution in net cross-section was okeskrduring increase of loading,
until the ultimate resistance was reached.

Keywords: lap bolted connections, shear lag effect, net@edtacture, numerical
simulations, stress and strain concentration

1. Introduction

Shear lag effect is a phenomenon of non-uniforesstdistribution in wide
flanges due to shear deformation [1]. In Europeadecregulations it is
practically equated with uneven distribution of mat stresses in wide flanges
of plated structural elements in bending. The cafiskee shear lag effect in such
a case is the occurrence of shear deformation dtemngvidth of flanges in their
mid-planes, per both sides of the web. This resalgsnon-linear distribution of
normal stresses in the cross-section of the pspfildnich is a deviation from the
linear distribution, expected during bending in aidance with the Euler-

1 Corresponding author: Edyta Bernatowska, Rzeszoiwelbity of Technology, The Faculty of Civil
and Environmental Engineering and Architecture,nteka 2, 35-959 Rzeszéw; +48178651629;
e_bernat@prz.edu.pl

2 Lucjan Sleczka, Rzeszow University of Technology, The FaculfyCivil and Environmental
Engineering and Architecture, Po#ska 2, 35-959 Rzeszow; +48178651631; sleczka@prpled



6 E. Bernatowska, LSleczka

Bernoulli assumption “plane sections remain pldn”analysis and limit states
assessments it is taken into account by usinguceett‘effective” flange width.

The second source of shear lag effect in steektsires, much more
common than existing in plated structural elemamtsending, are connections.
In this case shear lag effect is defined as nofoumitensile stress distribution
in a member or connecting element in the vicinity @onnection [2]. Such non
uniform stress distribution is generally producgdapplying force on the joint
in local manner, when tension load is transmitedame, but not all of the
cross-sectional elements (where not all parts fognsiection are continuous in
the joint).

Such way of constructing joints is very popular foactical reasons, eg.
connecting I-shape only by web (by flanges), ornemting angle by only one
leg is much more easier and cheaper comparednts jw which continuity of
every part of element is provided (Fig. 1).

Fig. 1. Examples of joints in which shear lag dffeccurs: a) I-section connected by flanges,
b) I-section connected by web, c) C-section corkeby web; d, €) angle connected by one leg using
bolts or welds

In general case of connections, shear deformatiares caused by
introducing loads into a single part of cross sectin bolted shear connections
stress distribution is also affected by existentceadt holes, eccentricities and
distributed pressure load in the bolt hole, clasgdt cross section, coming from
bolt bear.

The shear lag effect in connections is known [&],dnd included in design
procedures [5], but there is a lack of detailedngjtetive assessments of stress
and strain concentrations which appear during grbiderease of loading. Areas
of stress and strain concentration can influeneer#isistance of joint, where
fracture of weakened cross section usually detersjaint capacity. Especially
value of stress concentrations factor in net csestion can have an influence
on ability of a material to deform plastically wailt losing its strength.
The value of stress concentration can also inflaénitiation of fatigue crack in
case of variable actions.
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The paper presents a numerical simulation of neticse failure of
tensioned angles made of structural steel gradé®,S28nected by one bolt,
with application of material model, taking into acat ductile fracture initiation.
Stress and strain concentrations areas both iticeksd ultimate behaviour of
joint have been predicted as well as the stressettration factors in elastic
range. Also change of non-uniform stress distrdyutin net cross-section was
observed, during increase of loading, until thendte resistance was reached.

2. Numerical simulations and comparison with test results
2.1. Range of analysis

The range of analysis covers ten equal leg anglesexted by one bolt to
the gusset plates, as is shown in Figure 2. Thesj@re made of two different
sizes of angles, in each of them steel with nomgrable S235 was applied,
where experimentally confirmed yield strength isuaqto f,=310 MPa, and
ultimate strengthf,=445 MPa (using engineering stress measures). Bolts
diameters within the range from M18 to M22 werecpthwith different distance
e from the edge. Bolts were fully threaded class &8the vicinity of the
connection where the angle was supposed to ruptitédiole was 2 mm larger
than its diameter. Full description of analysed{®is given in Table 1.

- 120 _ 500 120
N | [ I
) \ \t“? | N
\1 N2

Fig. 2. Geometry of considered joints; 1) clampneg; 2) reference points to measure displacements

Table 1. Description of numerical models

. Cross- . Edge : Edge NFea Nexp

Specimen section Bolt distance e distance er [kN] [kN]
[mm] [mm]

J60/18/24 L60x6 M18 23.5 60.3 86.4 93.0
J60/20/27 L60x6 M20 25.6 65.1 87.8 83.8
J60/20/31 L60x6 M20 30.3 64.9 116.4 130.9
J60/22/27 L60x6 M22 255 74.0 93.4 105.6
J80/22/29 L80x6 M22 28.4 74.5 113.2 133.6
J80/22/32 L80x6 M22 30.7 74.3 122.4 132.1
J80/22/33* L80x6 M22 33.0 74.3 131.0 -
J80/22/36 L80x6 M22 34.6 74.4 139.6 149.3
J80/22/37* L80x6 M22 37.0 74.3 148.4 -
J80/22/39 L80x6 M22 38.9 74.3 157.5 177.6
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2.2. Description of FE models

Finite elements models consisted of four elemeotigs: angle, gusset plate,
bolt with nut (modelled as a whole) and washer® basis for the models were
experimental tests, which are described in [6]. ébally ten specimens were
analysed. Eight of them had exactly the same dimoeres real specimens, two
marked with asterisk (“*") were created for the de@f numerical investigation
(see Table 1). Only half of the whole specimen maslelled, (Fig. 3).

a) } 250

O

- =0

Fig. 3. Numerical models; a) schematic diagranmjlel made of finite elements

The load inz-direction has form of velocity, applied to the gefsplate.
The hatched area (Fig. 3a) could not move in thection of thex andy axes.
The end of angle was blocked in z-direction. Thi iameter was equal to the
nominal value. Both washers and bolt were locatetentrically with holes in
angle and gusset plate.

The finite element mesh was adequately dense irvitieity of the bolt
hole in angle and gusset plate. The sides of celeiments had similar length.
Near the openings they were equal to 25% of amjp&riess.

Elements of hierarchical validation were used dyrifnite element
modelling. At the beginning, choice of appropriataterial model was made to
simulate failure process of elements. Model's prde capability was assessed
by comparing calculations with experiments, whas described in publication [7].

Generally two types of material were implementedriodels. For gusset
plate, washers and bolt elastic-plastic materiatewased. Its behaviour was
represented by a multi-linear stress-strain cunveerms of true stress and true
plastic strain. They were evaluated from the stethdensile tests. The elastic
behaviour was defined by Young’'s modulus and Paissoatio, equalling
E=210000 MPa and %0.3.
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For angles porous metal plasticity characteristiese introduced. This
corresponds to the description of Gurson-Tverghiddleman (GTN) material,
which more properly controls the fracture procdssact description of this
material model can be found in [8]. Table 2 givatues of material parameters
introduced to EF analysis.

Table 2. GTN material model parameter introduceduimerical simulation

fo Tvergaard parameters g fn &N SN fe fr

0.001 | u=1.5;0,=1.0;05=2.25 | 0.02 0.3 0.1 0.06| 0.2

For angles, gusset plates and washers C3D8R typeleofients were
employed. To apply a porous material in computegmm, dynamic explicit
analysis was chosen. Because of bolt pretensiomiig;h was modelled by
means of temperature change in bolt shank, C3D8TGBD6T elements were
used. Relatively small clamping force was applie@ tb A category of joints
according to EN 1993-1-8 [5].

Contact between components was defined using deoergiact option.
The frictional effects between surfaces were inetudy incorporating the
classical isotropic Coulomb friction model in th@ntact definition, with
a friction coefficienfu equal to 0.2.

2.3. Global results and observations

Global behaviour of joints, described by force-thspments curves, is
shown in Figure 4. They are divided into two grodepending on angle size.
Maximum values of resistance ultimate capacity ioleth from FE modelling —
Neea are slightly lower in most cases in comparisothtuse from test results —
Nexp (from 2% to 18%). Only in one specimen resistaobtained from FE
modelling is 5% higher in comparison to the tesal€ 1). Deformation
capacity of joints, measured at two reference pojsee Fig. 2), obtained from
FE models is noticeably shorter when compared &b joents. But qualitative
comparison of behaviour obtained from FE modelltogthe one measured
during the tests shows high degree of accuracyecesly in terms of
deformations and fracture character, (Fig. 5). IBetaomparison FE results with
tests is given in [7].

The edge distana® has the greatest impact on behaviour of modetigs]
The greater edge distance is, the greater resestahspecimens is observed.
Looking at Table 1 and Figure 4, it can be seeh shacimens J80/22/32 and
J60/20/31 have almost the same edge distan@dthough they vary in angle and
bolt size, they reached very similar tensile cagauid elongation.
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Fig. 4. Force - displacement curves from FE sirfariat a) group made of L80x6, b) made of L60x6

Fig. 5. Specimen J60/20/27; a) deformation anduraenode obtained in FEA; b) obtained from test

a)

b)

Force [kN]

Force [kN]

160
140

=
o
o

160
140
120
100

N B O ®
o O O O O

Displacement [mm]

E —180/22/29 —180/22/32
] —180/22/33 —I180/22/36
—180/22/37  —180/22/39
0 2 4 6 8 10 12 14 16 18 20 22 24
Displacement [mm]
1 e —160/18/24
] ~ —160/20/27
i / —160/20/31
—160/22/27
T T T T T T T T T T T T T T T 1
0 2 4 6 8 10 12 14 16 18 20 22 24




Stress and Strain Concentrations in Steel AnglesibarMembers... 11

It can be also observed that bolt diameter inftesrelongation of joints in
a small extent. Specimens J60/20/27 and J60/2Ei874b) have the same edge
distances; and they differ in bolt diameter. Ultimate resigta is slightly higher
and elongation is smaller for specimen with latgats diameter despite the fact
that net cross-section in this specimen is smaller.

3. Stress concentration factorsin joints

One of the aims of this paper is to describe ndfetm stress distribution
in net cross-section. Such description is possbléar only for welded angles
and tees [9].

In elastic range the most convenient parameter lwhiows the stresses
uniformity across considered element is the steesgentration factok. Such
factor is a ratio of maximum stress value to noinm@es. Within this work
longitudinal stressesr, were considered and nominal value of stress was
calculated using tension force loading on angleitsndet cross-section.

For all considered specimens stress concentrasiotors were calculated
from equations (1) and (2).

ke = Inex @
N
Onom = m (2)

where: omax— maximum value of longitudinal stress,(, = g,,) in steel angle,
N — global force acting on joint equal to 02N
A, .+— Net cross-section.

The maximum values of longitudinal stresses weré&inbd from FE
models for relatively small level of load (about8®@f Neea), which on the one
hand is greater from numerical slip resistance.(&jgand on the other hand is
enough small to longitudinal stress would be instidarange of material
characteristics.

For all specimens maximum values ®&f in elastic range appear in the
vicinity of bolt hole (Fig. 6), not in net crosses®n. So, two types of stress
concentration factors were predicted. First knaescribes the largest value of
concentration factor observed in specimen at alto8d onek, describes stress
concentration in net cross-section only, taking iatcount maximum stress in
net cross-section.

Obtained values df; andky are given in the Table 3. It can be seen that
difference betweerka and ko changes in small extent (from 18 to 26%).
Computed results of stress concentration factors significantly larger
compared with results for infinitive sheet in temsiwith circular hole, where
k=3.0 [10]. Obtained values are the results of &l bending caused by
eccentricities and bearing stress created in thkeday the bolt.
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_ I _

Fig. 6. Location of maximum value af, for J60/18/24 specimen

Table 3. Stress concentration factors

Specimen Kt Ktz kta/kt2 Erea

J60/18/24 6.64 5.50 1.21 0.32
J60/20/27 5.86 4.74 1.24 0.35
J60/20/31 5.83 4.74 1.23 0.46
J60/22/27 5.08 4.03 1.26 0.37
J80/22/29 8.33 7.03 1.18 0.30
J80/22/32 6.86 5.78 1.19 0.33
J80/22/33 6.69 5.65 1.18 0.35
J80/22/36 6.33 5.33 1.19 0.37
J80/22/37 5.16 4.35 1.19 0.40
J80/22/39 5.16 4.35 1.19 0.42

To check correlation between predicted stress cdrat®ns factors and
ultimate resistance of joints additional paramétes been introduced. It is joint
efficiency parameter dgs, which is defined as the ratio of finite element
capacity (ultimate loading #a) over calculated nominal capacity of the net
Cross-section f:

NrEA
E = 3
FEA = 7o ©))

where: f —is ultimate strength of the steel.

Such joint efficiency parameter indicates crosgigeaitilization in tension
members [9]. It can be observed that stress coratemt factorsk: andky are
inversely proportional to efficiency parametesiA& especially in J80 group, in
which edge distance; was constant. For this group also proportiark: is
nearly constant (1.18+1.19).
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4. Process of stressredistribution under increasing load

Distribution of normal stress across the net cemsgion in elastic range
(Fig. 7) shows only area where yielding will start.

a)

D

40 60 80 100 120 140 @ 160

Distance [mm]

Fig. 7. Net cross-section; a) characteristic ppbjtslistribution o6z in elastic range across net cross-
section for specimen J80/22/29 for N=0s8N
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so /N | | S0 SN |
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Fig. 8. Effective stress distribution in net crgsstion (path A-E according to Fig. 7a) in thresllo
levels, L60x6 angles

The change of stress distribution according togasing level of loading is
shown in Figure 8 and 9. Figures show distributbreffective stress along net
cross-section (path which is defined in Fig.7ahiee different load levels:

« N=(0.28-0.35)NFEea,
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« N=0.80NFga,
+ N=NFea,

where Neais ultimate loading obtained in FE analysis.
Distance A-D refers to the width of connected B¢k to unconnected leg

of angle and B-C to the bolt hole.
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7 ; ; i
S 400 | f I 1
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8 300 ==t
% i
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3 i
£ 100 |
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Fig. 9. Effective stress distribution in net crgsstion (path A-E according to Fig. 7a) in thresllo
levels, L80x6 angles

Presented diagrams were grouped according to #ee afi angles. They
differ from each other in distance,. Dashed lines shows vyield stress.
To estimate effective stress, true stresses weesl @S a stress measures

according to FE analysis type.
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In all specimens it was observed that first makegrielding started from
area near the bolt hole in connected leg, and #peead over cross section.
Stress in connected leg, in ultimate limit staéached ultimate strength of steel,
especially in section A-B in the vicinity of the Ibbole. Due to steel ductility,
stress redistribution was observed before a firadtfire, allowing yielding of
unconnected leg D-E. However effective stress valtress unconnected leg of
angle does not exceed yield strength of the steel.

The sequence of initiation and propagation of treectobtained during FE
analyses was the same as during the test. Fraatiti@tion occurs with
significant plastic deformation of the connectegl fimgment, between bolt hole
and adjacent edge. Concentration of longitudingd strains; is observed on the
bolt hole edge (Fig. 10).

J60/20/27 160/22/27

80%N e

. 80%N s
I—100%N

— 100%N e

40 60 80 100 120 140 160
Distance [mm]

40 60 80 100 120 140 160
Distance [mm]

J80/22./29 180/22/36

80%N zea
— 100%Np,

80%N e
— 100%Nggs

0 20 40 60 80 100 120 140 1e0 40 60 80 100 120 140 1e0
Distance [mm)] Distance [mm]

Fig. 10. True strain;zdistribution in net cross-section (path A-E acaegdo Fig. 7a) in two loading
levels in selected specimens

5. Summary and conclusion

Results of numerical investigation on the sheardtfgct of steel tension
angles, connected by one bolt, are reported inptger.

Conducted analyses show non uniform tensile stiestsbution in angles,
in the vicinity of a connection, both in elastiage and at the stage of reaching
the ultimate load capacity. In elastic range st@sxentration factors predicted
for analyzed joints have clearly larger values timaother bolted lap connections.
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Ductile nature of structural steel can lead to ltgialding of net cross-
section, but in order to obtain ultimate resistaoteet cross-section, only part
of connected leg area is utilized.

Analyses gave better insight into process of rabision of stress along
net cross section during increasing loading, wisih be use in further work.
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RESISTANCE OF STEEL FASTENERS SUBJECTED
TO SHEAR AT PUBLIC ARENAS IN NORMAL AND
FIRE TEMPERATURES — PROBABILISTIC
APPROACH

The buildings with great grandstands are the puyidhces where consequences of
failure are very high. For this reason, accordimdEN 1990they belong to CC3
class consequence of failure. The reliability cl&83 is associated with the
consequences class CC3 [7, 8] and is defined bythé4.3 reliability index with
probability of failure pr=8.54-16% Shear connections have to transfer forces
between structural members — steel body and bdltsaslequate degree of safety.
The load-carrying mechanism of bolted shear commegtis complex and
analytical methods for predicting the shear resistaare not applicable. Instead
the resistance of the connections may be determirséth empirical formulas.
The distributions of horizontal and shear resistawithin steel body — bolts will
be described depending on material characteristicssteel body and bolts
components. The characteristic resistance of steshr connection is obtained as
minimum of two variables: bolds resistance andldiedy resistance. Probability
function of this minima will be defined and desertbin this paper. Laboratory
tests provide the only practicable basis for spewuif safety margins for ultimate
strength connections. The determination of parsiafety factors within shear
connections will be presented according to EN19B@sign value of such
resistance is specified as suitable fractile of logrmal probability distribution,
calculated with the assumption that the acceptatdbability of down-crossing is
not greater thaprur=2.91-10% It means that the target reliability index, defin
for the resistance, is taken #rq = 3.44, in accordance with the European
recommendations (EN 190

Keywords: steel structures, structural safety, steel bainestions, fire safety

1.Introduction

The empirical formulas related to bolted steel @mtion resistance are
presented in EN1993-1-8 [2], [5]. The design slrearstance bearing type A;
Fzs Per bolt should be determined as minimum of:

1 Corresponding author: Tomasz Darsid, Cracow University of Technology, Chair of Meta
Structures, ul. Warszawska 24, 31-155 Krakéw; da@pkedu.pl
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Fra =min(F, g Fy rd (1)

Where F, ., is the design steel bolt resistance per sheaepadF, , is

the design bearing resistance of the steel bodyetefor reliability class RC3,
as follows [9]:

_ a\‘.fuhA =
n VoK ' Y 2Ke

(2)

where:

a,.k,a,,d,t —design parameters,

fu— characteristic strength of the steel bolts,

fu— characteristic strength of the steel body,

yuz=1.25 partial safety factor for connections,

Kr = 1.10for RC3 - partial safety factor usually associaigith actions.

Partial safety factor for connections in structuoégeliability class RC3
according to EN1990 is equal:

Yures.ec = VoK g =1.375 3)

2.Probabilistic analysis of shear bolted connectionasistance

Let's assume that XE 4is the random variable of steel bolt shear
resistance, YF, o,- random variable of bearing resistance of thel ¢tedy and

define new random variable of bolted capacityF£=
Z =min(X.,Y) (4)

Cumulative distribution function of variable Z bedt shear resistanEg( z)
is defined as [1],[2],[3], [4]:

F,(z2)=P(Z< 2= Amin( X ¥Y< 2=1- Pmin( X )> |z

o (oo 5)
:1_Iz Iz fXY(X’y) dXdy

where: P(x) and f(x) are probability and densitgdtions of random variable
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Assuming that random variablésandY are independent density function
f,(Z) of variable Z can be obtained from:

(2= %(2+ 4(2- &(3 R( = o k & ) )

* Probabilistic moments of random variable Z.
The probability density functiorf, (Z) of shear stud resistance is known,

then it is easy to obtain first two probabilisticoments of variable Z using
classical methods as follows:

« Mean valuei, =E(Z) as the first moment:
Hy =17, 2, (2) dz ™
« Varianceo? =var(Z) as the second moment:

os=[" fz(z)(z—,uﬁ)dz (8)

3.Characteristic and design values of shear bolted ooection
resistance in normal temperatures

Safety condition is defined, for standardized randovalue Z
In(Z/z)/vZ = In(ﬂz/z)/vz,by using the following formula:4 — median value,
v, - coefficient of variation) [2], [5]:

=%?)2 BRreq :GRBreq (9)

R

BGris a partial reliability index,5y o, is target reliability index for resistance of
shear stud connection. Indes ..,=ar/f,, is the part of global target reliability
index g, defined in EN 1990 [6]. The valug,, =4,3 for high consequence

for loss of human life and considerable social,immmental consequences.
According to EN199( = 08 thenaS,.,=0.8[14.3= 3.44

Design value of shear connection resistance isieéfas:

- = 02|nz
Zy = Zexpl- By ;)= Zexg - 344y, - : (10)
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Characteristic value & is defined as 5% fractile of log-normal distritauti
as follows:

2
Z, = Zexd- 1645,) = Zex;{— 16450, —0'—22] (11)

Based on the fact thaf; and Z, are known, we can estimate minimum
partial safety coefficient for shear connectioristesiceZ in RC3 class as:

Z
YMRC3.min :Z_k = eXp[( 3.44 1'64)5/2} = ex(D 1-795) (12)
d

As shown in Figure 1,yyrcsmniS the variable for different value of

coefficient variation v, . It is necessary to mention, assumi\gkcsmin =1.375,
that the required level of safety can not be guasthfor value of,, >0.18.

1.8

—
T

partial safety factor for connection

i i
0 0.1 0.2
connection coefficient of variation

Fig. 1. Partial safety factor for steel shear catina resistance Z
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Example 1.

Let’'s consider the shear bolted connections wigleldbolt classes 4.6, 5.6,
6.8, 8.8 with accordingly — ultimate strength of tholtsf,,=400 MPa, 500 MPa
600 MPa, 800 MPa, diameter of the shank of the 20 mm. The
connectionjoins two steel plates of st&2¥5 f,= 430 MPa, thickness t = 7 mm
The coefficient of variation of ultimate strengtbr fsteel body issn= 0.10 and
for bolt steel issu= 0.05. Table 1 presents results of calculationsooinection

resistance, using methods according to EC recomatiend and probabilistic
approach.

Table 1. Resistance for individual fasteners subgetd shear

Bolt classes 4.6 5.6 6.8 8.8

Median value of bolt ultimate strengtﬁJb [MPa] | 434 543 651 868

Median value of fastener resistanZe [kN] 81.74 | 101.03 111.6]1 113.39
Standard deviation of fastener resistadGe [kN] | 4.08 5.43 9.345 13.31

Coefficient of variation of fastener resistange 0.050 0.054 0.084 0.10(

Design value of fastener resistance (BP&g[KN] 54.81 68.51 70.02 70.02

Design value of fastener resistance (Probabilistic 6884 | 8396| 8368 80.39
approach¥q [kN]

4.Steel shear connection capacity in fire temperatuse
4.1. Design value of ultimate strength in fire temeratures

The ultimate strength, , decreases when fire temperatu@grow:

fuke =Kuo fukzo (13)

fy k20~ 1Tu expt-1.64%, 5 - O'Bfu,202 (14)

Where; f,,v, 5, are the median and log-normal coefficient of tarmaof the steel

ultimate strength in temperatu@= 20°C . It has been assumed that applied value
of characteristic strengthf,, ,, is described in normal — room temperature

© =20°C . The reduction coefficierk, , =k, , for ©>400°C . For different fire

temperatures®@ is presented in standard EN 1993-1-2 [10]. Thistion is
described as:

Zy o = Ki0Zk 20 (15)
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TheZ, is the random variable described by log-normal bahbility
distribution functionLN(ZQ,Vz) — where:Z, is the median value and, is the

log-normal coefficient of variation. Reduction cheient k,, is defined for

different fire temperature® .Temperature@ will be treated as no-random in
this analysis. The relation is as follows :

V,o =V =CONstandv,, , =V, ,, = const (16)

It has been assumed that log — normal coefficienagation vy does not
depend on temperatui@.

4.2. Standard deviationg and coefficient of variationV of the steel
ultimate strength in fire temperatures

Now, it is necessary to test hypothesis equality of variancesx? = var (Yi)

2 2 2
in fire temperature. The null hypothesisis; 91 =92 =. .. =9 against alternative

hypothesisHi: o7 # o2 #...= ¢} for all fire temperature®(k )and adequately
Vﬁzqn,kzthe null hypothesisHo: clzn'lzalﬁyzz ..=0p, against alternative

hypothesidHy: 02, # 02, # .0y -
The above hypothesis will be verified by using Bat's test which is based
upon the following statistic[6]:

‘ n/(N-K)
[D 7 J (17)

p=>= 7

2
a,
where: n — sample quantity, n=24, i=1...k=4, Nn=k 96.
k
g5=n zl o? I(N-k) (18)

We accept hypothesisohdt thea level of significance when it's true for the
following:
b<b(a;n) (19)

where: h(a;n) — critical value for Bartlett's test ,k —numbef populations in
fire temperatures =4y — level of significance =0.01 ,n — sample quantit¥4=
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The Bartlett's statistic #p (b) to verify hypothesis about equality of yield

point standard deviation in fire temperaturgs= o2 = .... = 0; was estimated
as follows;

bre=1.171 >by(0.01 , 24) = 0.882 (20)
then hypothesislo (o7=07 = ....= af) IS rejected,

o2 — variance of the ultimate strength in fire tempene

Consistently ,the Bartlett's statistigidto verify hypothesis about equality
of ultimate tensile strength coefficient of variats in fire temperatures
V2 = V2 = ... = V@ was estimated;
binie 0.247 < 1(0.01 , 24) = 0.882.

In this case we accept hypothebis Vi> = V,*> = ... = Vi’>=const, and
Vo =V 20 =CONSL.

ViZ — coefficient of variation of the ultimate strengm fire temperatures.

5.Conclusions

The shear design resistance of connections in spena structures should
be calculated as fractile (at leyel:=8.54-16° of shear resistance probability
density function. The shear resistance densitytioms can be obtained using
the formulas presented in this paper. For steéifi@ss it is necessary to verify
the values of partial safety factors of shear cotors in fire temperatures. More
research is needed on the steel ultimate variaaemeters in fire temperatures
assuming, that the distribution of shear resistamt@mgnormal.
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TEMPERATURE DISTRIBUTION IN A STEEL
BEAM-TO-COLUMN JOINT WHEN EXPOSED TO
FIRE. PART 1: END-PLATE JOINT

Temperature distribution usually observed in skealim-to-column end-plate joint
after 15 minutes of its standard fire exposureresented and discussed in detail.
Two types of joints are analysed for comparativgppaes. The first one is a pure
steel connection while the other is covered by mfeeced concrete slab.
Numerical simulation of the considered joint hegtazenario was performed using
the 3D model in the ANSYS environment. Some resu#iee additionally verified
by simpler calculations carried out on 2D modelshgishe SAFIR computer
program. It is emphasized that due to the localiaedation of many massive steel
plates the representative temperature values fahtiin particular joint
components are significantly lower than those whaththe same time are
measured in beam and column outside the connedifda.means that the classic
assumption of even temperature over the entirehenigall the structural elements
of a frame load-bearing structure exposed to firargy time during such fire,
without distinguishing in the formal model any ceohodal elements, is always
safe but very conservative. In addition, as the flevelops the differentiation
between the temperature values relating to the bhealmand to the beam flanges
becomes more visible. This effect is particuladgngficant in the presence of
a massive floor slab adjacent the upper flangefcdrae I-beam which effectively
cools it.

Keywords: beam-to-column steel end-plate joint, fire, terapare distribution,
joint components, numerical simulation
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1. Introduction

In conventional structural analysis relating toteek frame load-bearing
structure when exposed to fire it is usually asslithat at any moment of such
fire the temperature in each member is alignedonbt on its entire length but
also in any chosen cross-sectionhe basic advantage of this type of
a computational model is its simplicity. It is alygasafe but in general very
conservative. In fact, even when the frame |-beanthe frame I-column is
heated on all sides in a uniform manner, with treedevelopment the difference
between the temperature of its web and the otlatirrg to its flanges increases.
This is an inevitable consequence of the fact thatweb is noticeably thinner
than the adjacent flanges. The higher value ofméle temperature in relation to
the corresponding temperature identified at theeséime of the fire in the
flanges of the same beam in the case of the bessation evenly heated on four
sides is particularly well visible for the membevkich are relatively tall and
slender. This type of variation is not so big wilee member cross-sections are
lower and more stocky.

a) b)
TEMPERATURE : [ 4 p |
695,9°C to 701,1°C TEMPERATURE :
690,8°C to 695,9°C 691,7°C to 698,5°C F
685,7°C to 690,8°C 684,9°C to 691,7°C
680,6°C to 685,7°C 1 678,1°C to 684,9°C
675,4°C to 680,6°C 671,3°C to 678,1°C
670,3°C to 675,4°C 664,5°C to 671,3°C
665,2°C to 670,3°C 657,7°C to 664,5°C
- 660°C to 665,2°C 650,9°C to 657,7°C
644,1°C to 650,9°C
637,3°C to 644,1°C
630,4°C to 637,3°C
623,6°C to 630,4°C
LB 616,8°C to 623,6°C 95
610°C to 616,8°C
603,2°C to 610°C
[ 4 ) |

Fig. 1. Temperature distributions in the crossieastof selected thermally non-insulated steel
I-beams, heated on four sides, after 15 minut@srafmerically simulated fire exposure
(simulations were performed using the SAFIR compptegram [1]). In particular:
a) the case of a IPE 330 frame-beam, b) the cas&d6x8x280x18 mm plate girder
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It is shown here, in Fig. 1a, that after 15 minuika numerically simulated
standard heating in a thermally non-insulated IBB Beam the representative
web temperature turned out to be higher than ttenttified in the flanges by
only about 40 degrees Celsius. If, however, for garison to verify how in the
same fire a relatively slim steBlf6x8x280x18 mnplate girder is heated, one
can see that after 15 minutes of a fire exposwaliffierence considered earlier
will be closed to 100 degrees Celsius (Fig. 1bjerstingly, the difference
shown in Fig. 1b turns out to be particularly langehe first phase of a fire and

then gradually disappears as the temperature oéxhaust gases surrounding
the beam increases (Fig. 2).

-
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Fig. 2. Dependences between the time of a stafidaiekposure and the representative temperature
values identified in the I-beam web (higher) anthinsame I-beam flanges (lower) for steel
576x8x280x18 mm plate girder, heated on four sic@sesponded to that shown in Fig.1b

In the case when the upper flange of a steel |-bhisaadjacent to a massive
reinforced concrete floor slab with a large hegtacaty, this flange is effectively
cooled because the temperature in it and the texnperat the bottom of the
slab strive for equalization. Consequently, thenbeaoss-section is heated only
on three sides. Taking into account such a sitmatiequires a significant
reduction in the temperature of this upper flangghbin relation to the
temperature representative for the beam web aridet@mne representative for
the lower flange. Let us note that the differeneeneen the temperature of the
beam web and the temperature of the lower flangmires significant, although
not so large. Temperature distribution obtainedrmsgimulated of a 15 minutes
fire exposure in the cross-section of thermally-imsulated steel IPE 330 beam,
corresponding to that shown earlier in Fig. 1a mhodv adjacent to a massive
concrete slab, is presented in detail in Fig. 3.
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20,155 J

695,51

s 1

Fig. 3. Temperature distribution obtained aftendiButes of a standard fire exposure in cross-gectio
of a steel IPE330 frame beam, thermally non-inedlaind heated on three sides due to the
neighborhood with concrete slab (simulation perfeirasing the ANSYS environment [2])

2. Numerical models of the pure steel end-plate jois
considered in the analysis

In the introduction to this paper, it was shownt théh precise modelling
of any pure steel beam-to-column joint behaviourifire, the differentiation
between the representative temperature of a bedmand the representative
temperature values of beam flanges should be twiteraccount. The primary
aim of the authors is, however, to show that tmeperature identified in such
a joint at any time during a fire due to a veryndfigant increase in the effective
steel thickness accumulated here will always beifsigntly lower than that
which at the same time is measured as a repreisenvaiue for the beam and
for the column outside the connection. Therefoteséems reasonable to
consider whether in numerical modelling relatedh® fire conditions separate
from a whole load-bearing frame structure the specodal elements being
colder than the neighbouring elements that theyneon In this chapter the
authors want to check which elements of the cons@int are crucial for fire
analysis in the sense that the precise determmatiotheir representative
temperature values determines both the bearingcitg@and the stiffness of this
joint under fire conditions. To do this, two steelam-to-column end-plate joints
were precisely modelled in the ANSYS environmerji £dnnecting a column
made of the HEB 180 steel profile and a beam médeedPE 330 steel profile.
All joint components were designed as made of lavbon structural steel S235.
The thickness of the end plate in both models vgasraed identically, as being
equal to 20 mm. The classic bolts with metric tdr&#0 have also been used.
The difference between the joint model shown in. Big and that of Fig. 4b
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consists in adding in the second case two horitoits with a thickness of 10
mm stiffening the column's web. Both models wetgestted to uniform heating
on all sides, lasting 15 minutes, in accordancé wie so-called standard fire
scenario, numerically simulated in the ANSYS envment [2].

a) b)

686,61
673,33
660,06
646,78
633,5
620,22
606,34
593,67
580,39
567,11
553,83
540,55
527,27
514 Min

687,64
675,36
663,08
650,8

638,52
626,24
613,95
601,67
589,39
577,11
564,83
552,55
540,26
527,98 Min

Fig. 4. Temperature distributions obtained aftenfiButes of a standard fire exposure in the
models of a pure steel end-plate beam-to-colunmgaionsidered in the analysis (detailed
description of such models is given in the textdation performed using the ANSYS
environment [2]). In particular: a) model of a joimithout the horizontal ribs stiffening
the column’s web, b) model of a joint with such thes

It is easy to notice that after 15 minutes of ausated fire in both models
the temperature value representative for a joidt@ate turned out to be lower,
even by 150 degrees Celsius, compared to the d#maperature value,
representative for the beam web. This is due tdabiethat in this joint zone the
effective thickness of the heated steel plate tseemely high, because it is in
fact the sum of the end-plate thickness and treknieiss of the column’s flange
(20 mm + 14 mm = 34 mm). The addition of two honitzd ribs in this case
facilitates the removal of heat from the joint guidte giving an additional
surface for radiating. As a consequence in the inpaesented in Fig. 4b the
cooler zone in the joint end-plate was clearly $enahan that observed in the
model shown in detail in Fig. 4a. Generally, it ¢tenstated that the highest steel
temperature in particular joint components is abvagentified in those plate
zones where the distance from the adjacent walle@sing the heat dissipation
is large enough and its value is the higher forlthneer thickness of the heated
plate. Comparative analysis of the model of anagwls steel end-plate joint
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with reduced end-plate thickness (from 20 mm to i), which meant
a reduction in the total thickness of the heatediep{from 34 mm to 28 mm, i.e.
about 17%), resulted in an increase in the ene@-péahperature by approximately
30 degrees Celsius, which is a roughly 5% changepErature differences
identified at the bolts length are negligible, hewn in Fig. 5.

‘\

Fig. 5. Temperature distribution obtained aftemdiButes of a standard fire exposure for the joint
model shown in detail in Fig. 4a in the cross secthrough the bolts axes. Only the bolts
from the upper row, located above the top beangéigshown on the left) as well as those
from the intermediate row (located just below fhasge) are visible (simulation performed

using the ANSYS environment [2])

A detailed analysis of the temperature distributiothe pure steel end-plate
joints presented in Fig. 4 allows to conclude thahe formal model describing
their behaviour in a fire four basic groups of fbeat components should be
distinguished due to the different heating ratésashown in Fig. 6. The I-beam
web heats up by far the fastest among other jomponents due to its low
thickness. This is especially the case for beamdenad the high plate girders,
when the distance of the central area of the wabe drom the much thicker
beam flanges that cool such web in its edge aseasfficiently large. It should
also be noted that the relatively thick beam flangegeneral heat up much faster
than the joint end-plate. The effective heatinghef joint end-plate, usually quite
thick, is conditioned by the necessity of simulzuy heating the column flange
adhering directly to it and generally no less thiDifferentiation in the heating
rate was also observed between the particular oblslts. Those of bolts, which
were located on the edge of the joint end-platéside the outline of the upper
beam flange, heated up a bit faster than thosedddzetween the beam flanges,
in the part shading such bolts from the direct sype of a fire. Let us note that
the difference between the temperature of thedmaltthe temperature of the joint
end-plate in its immediate vicinity is negligible.
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T[ C] A 1 - bottom bolt
700 | 2- middle bolt
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600 | 4-beam flange
5- beam web

500 -
400 +
300
200
100

t[s]

T T T T
0 200 400 600 800

Fig. 6. Different heating rates in the numericaliyjulated fire of individual joint components
in the case of the join considered in the exampteshown in detail in Fig. 4a
(simulation performed using the ANSYS environmejj [

3. Heating of the beam-to-column steel end-plateijats covered
by a reinforced concrete floor slab

Beam-to-column joints considered in the presentegep are usually
coveredrom above by a massive floor slab made of thefoezed concrete with
a large thermal capacity. As a consequence of jgirtt's configuration the joint
components adjacent to this plate are usually nugttler during a fire than
those more distant from it. To verify this effeatao evaluate its importance for
the global fire safety assessment a new model ef ghd-plate joint was
developed, corresponding to the joint from Fig.bt with an added 150 mm
thick reinforced concrete slab, composite withesestrame beam (Fig. 7). It was
assumed that this slab was made of concrete ogudareaggregate and with
a density of 2,300 kg/inin the fire conditions, the steel I-beam was ééain
three sides and the floor slab absorbed the héafrom below. The temperature
distribution obtained at the tested model after mimutes of a numerically
simulated standard fire exposure is shown in datdtig. 7. As one can see, the
cooling effect of the floor slab turned out to lmFywimportant and the difference
between the steel temperature representative éolotlier beam flange and the
one observed in the upper beam flange was clo3gtalegrees Celsius.



32 M. Maslak, M. Suchodota, P. Wmiczka

Fig. 7. Temperature distribution obtained aftendibutes of a numerically simulated standard fire
exposure in the end-plate joint covered from allova massive reinforced concrete slab
(simulation performed using the ANSYS environmejj [

Fig. 8. Temperature distribution taken from Fidouf visible in 2D side view of the joint
(simulation performed using the ANSYS environmejj [

The influence of cooling a steel beam in the zafjacent to the reinforced
concrete slab is clearly visible in Fig. 8, wherside view of the considered
joint after its 15 minutes fire exposure is shownlétail. In this figure, however,
one can notice another interesting difference ia thiay of heating the
neighbouring I-profiles of the beam and of the oatu Under the same fire
conditions, the column web does not heat up asselg as the beam web, and
as a result, as the fire develops, it becomes @odemore clearly cooler. It is
not only the effect of the slight difference in tiieckness of both webs but also
the fact that the considered column is made of deslange profile. When
describing the temperature development in the jgiawn in Fig. 7, it is worth
paying attention to the uneven temperature incr@aske particular layers of
a reinforced concrete floor slab. As can be sedrign9, concrete used in this
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slab proved to be a heat insulator good enoughtieagffect of heating from the
bottom is poorly noticeable in the upper layersuh a slab.

T[C]
I Concrete slab:
200 - 1 -15 mm below the upper surface
2 - in the middle of the cross section
3-15 mm above the bottom surface
150
3
100 +
2
50 - 1
t[s]
T T T T ==
0 200 400 600 800

Fig. 9. Differences in the heating intensity inrawated fire conditions of selected layers of
reinforced concrete floor slab covering the congidgoint (the results
of the simulation performed using the ANSYS envimamt [2])

4. Concluding remarks

The redistribution of internal forces in the mensbef a load-bearing steel
frame structure subjected to fire is largely demedn the real load capacity
and the real stiffness of the joints connecting¢hmembers, which are changing
with an increasing steel temperature [3, 4]. Ineortd predict it in a sufficiently
reliable way, it is necessary first to define, dhen to calibrate and finally to
verify experimentally a suitably complex formal nebdhat takes into account
uneven temperature distribution in particular jainmponents, mainly in those
joints that connect the frame beams and the frasherms. The assumption that
the steel temperature in all the frame joints i/favenly distributed and does
not differ in value from the temperature identifiedhe same heating conditions
outside these joints, commonly used so far in ihe dafety analysis, in the
opinion of the authors seems to be too simpligtid @0 conservative though it
is always safe. For this reason, the authors rea@rdnthe use for this type of
the structural analysis of specially specified rnodEments with precisely
calibrated characteristics. Such characteristicddcbe selected on the basis of
the appropriate numerical analysis, or, for examlean analytical manner,
using the procedures of the classical componertadegeneralised for the fire
case.
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TECHNOLOGICAL ASPECTS OF EXECUTION
OF WELDED JOINTS IN HOLLOW SECTIONS

Steel structures designed according to Eurocode &xecuted in accordance with
the provisions of the standard PN-EN 1090-2, whscteferred to in Eurocode 3.
In addition, the standard PN-EN 1090-2 refers tisirtontent a number of welding
standards, e.g. PN-EN ISO 9692-1. These standaodide guidelines for welded
connections, which should be applied in the caspinfs connecting steel hollow
sections. Analysis of above-mentioned provisiongated that for fillet welds they
are simultaneously fulfilled only if the inclinaticangles of the elements are in the
range of 70°-100°. According to recommendations Pd-EN 1993-1-8 and
EN 1090-2, the same weld type around the perinaétitre element connected to the
chord of lattice structure is possible to execuly for inclination angle lower than 60°.
Discrepancies between these standards also exfistagard to the interpretation of
the dimension of the flare groove welds in conmestiof rectangular hollow sections
with the same width. In addition, analyses of teeommendations for welding in
cold-formed zones indicate that, for steel gradeeeatly used for the production of
cold-formed rectangular hollow sections, weldinghiese zones is not permitted only
for profiles with wall thickness equal to 12.5 abh@l mm. The above-mentioned
issues point out the need for mutual unificationsténdards for the design and
execution of steel joints in hollow sections.

Keywords: steel structures, lattice structures, welded $inollow sections

1. Introduction

Exactly 30 years ago, in Europe came into foreeGbnstruction Product
Directive (CPD) 89/106/EEC [2]. The purpose of @RD was to harmonise the
production process of construction products anentsure the free movement of
construction products and unlimited use of thesedgpets in the European
Union. Additionally, on 1st of July 2013 came irftmce the Regulation (EU)

1 Corresponding author: Krzysztof Kuchta, Cracow vdrdity of Technology, Chair of Metal
Structures, ul. Warszawska 24, 31-155 Krakéw, 28282033, pzwi@op.pl
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No 305/2011 of the European Parliament and of thenCil of 9 March 2011
laying down harmonised conditions for the marketirfigconstruction products
and repealing Council Directive 89/106/EEC [13]eTiegulation applies to all
construction products covered by harmonised Europtandards or European
Technical Assessments. It includes both productschware manufactured in
series and placed on the market for sale to thergepublic, as well as products
produced on individual order to be built in the @fied structure. In accordance
with article 5 of the Regulation [13] the manufaetumay refrain from drawing
up a declaration of performance when placing aysrbdovered by a harmonised
standard on the market, where the construction ymtods individually
manufactured or custom-made in a non-series pranegsponse to a specific
order, and installed in a single identified constiln work — as usually in the
case of steel building structures. In this situgtihe manufacturer shall provide
for executed structure a statement of conformity\wiroject documentation and
PN-EN 1090-2 [7] for steel structures or PN-EN 139(8] for aluminium
structures. Building metal structures designed iatiog to the Eurocodes have
to be manufactured by the producers having a maftifystem of factory
production control according to PN-EN 1090-1 [6heBe issues were further
described in [3]. The authors of this publicatioadhthe opportunity to
participate in the process of steel workshop adiapt#o the requirements of the
current regulations, and as a result had a chamoertfront assumptions and
provisions included in European design standardswielded connections in
steel hollow sections with the provisions of thanstards relating to steel
structure execution, including welding technology.this paper technological
and metallurgical aspects of welded joints executiosteel hollow sections are
discussed.

2. Welding in cold-formed zones

In the case of cold-formed sections, the stand®¥dEN 1993-1-8 [11]
allows for welding in the cold-formed zone providédt the cold-formed zones
are normalized after cold-forming but before weidaor the ratio of corner inner
radiusr; to profile wall thicknesg fulfils appropriate condition. The standard
defines above-mentioned parameters for general, chsnguishing between
predominantly static loading and situations whexrtigfie predominates, it also
specifies the case of fully killed steel (see TdbleAs can be seen from Table 1,
in the case of fully killed steels welding in cdlitmed zones is permitted
in the wider range than in the general case. Seamlkedformed steel hollow
made of non-alloy and fine grain steels are manufed in accordance with
PN-EN 10219 [4, 5]. This standard was officiallyffereed to in the design
standard of joints in steel structures [11]. Thstfpart of PN-EN 10219 [4]
specifies the technical delivery conditions. Acéogdto its provisions sections
are made of following non-alloy quality steels: S20H, S275J2H, S355J0H,
S235JRH, S355J2H, S355K2H and fine grain steelega®275NH, S275NLH,
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Table 1. Conditions for welding cold-formed zoned adjacent material [11] and corner geometry for
steel cold-formed sections manufactured accordifig]t

Conditions for welding cold-formed zones and
adjacent material [11]
. Generally _ Fully killed Cross-section parameters
it Predominantly] Where fatigue steel according to
static loading | predominates PN-EN 10219-2 [5]
max t [mm] max t [mm] max t [mm]
>25 any any any
>10 any 16 any assumed | tolerance
t [mm] -
24 12 24 rit| reft reft
12 10 12 >10 20 3. 2.4-3.4
8 8 10 6<£10 | 15| 25 2-3
>1,0 4 4 6 <6 10| 20 1.6-2.4

S355NH, S355LNH, S460NH, S460NLH. Both in the caseon-alloy and fine
grain steels fully killed steels are used. For atlayed steels deoxidation
method is designated as FF, it means that stedhiosnnitrogen binding
elements in amount sufficient to bind availableagien (e.g. min. 0.020% total Al,
or 0.015% soluble Al). For fine grain steels deaxion method is designated as
GF — steel contains nitrogen binding elements irowh sufficient to bind
available nitrogen and have fine grain structure.

The second part of PN-EN 10219 [5] specifies tolees, dimensions and
sectional properties. The depth, width, and walltkimess of the profiles are
specified in Tables C.2 and C.3 of PN-EN 10219 ut the values of the
corner inner and outer radii can be found only asumed values in the
calculation of geometrical characteristics. It tennoticed that for cold-formed
sections with wall thickness not exceeding 12 mndenaf fully killed steel,
welding in cold-formed zone is permitted. In theeaf square and rectangular
hollow sections with wall thicknesisequal to 12.5 mm and 16 mm listed in
Tables C.2 and C.3 of PN-EN 10219-2 [5], welds #htacated at a distance of
5t from the cold-formed zone. In engineering practite designers often use
a very popular in Poland publication [1] where bmth square and rectangular
hollow sections — manufactured according to [4;--Shstead of the values of
corner inner radius, as marked on the figure, coem¢ernal radius is given —
Fig. 1. The error described above may affect imivgltometry shaping in the
joints between hollow section members committetti@idesign stage.
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rectangular hollow section 80x80x8
a) b)

o 8 oéf&/gs
00

acc. to [1] acc. to [5]

Fig. 1. Comparison of square hollow section geoyratcording to a) publication [1] and
b) standard PN-EN 10219-2 [5]

80

3. Welded joints in hollow sections

Welded joints in steel hollow sections are conterapy designed in
accordance with [11]. This standard restricts iy to use fillet welds to the
case of connected parts where the fusion faces &rmangle of between 60°
and 120°. In the case of inclination angles lowemt60°, the welds should be
treated as partial penetration butt welds. For engreater than 120fillet
welds resistance should be determined by testimgrding to provisions of
Annex D of PN-EN 1990 [9]. With regard to the fillevelds all round, the
standard [11] additionally states that they mayydie used to transmit shear.
In respect of butt welds the standard [11] doesimbduce restrictions about
the connected parts inclination angle. It shoulchbied that, in accordance with
the provisions of [10], Eurocode 3 is intended & used together with [7]
concerning the execution of steel structures. Thtandard introduces
geometrical limitations, in the form of the inclirn angle between axes of
connected members, concerning the possibility @figuéillet and butt welds.
Conditions for the use of butt and fillet weldgamts connecting rectangular or
circular hollow sections according to [7], depemdon the location of the weld,
are presented in Table 2 and 3.

In addition, standard [7] refers to [12] that sjiesi how to prepare steel
joints for welding. In the case of fillet welds,ighlast standard limits the
inclination angle between walls of connected elemém the range from 70° to
100°. Figure 2 shows the conditions of applicapitf fillet and butt welds in
steel hollow sections joints, depending on the shafthe profile cross section
and the location of the weld. Well known limitatiohthe minimum slope of the
brace to the value of 30° is also taken into actoarpresented drawings. If one
wants to meet all restrictions, given in above-noe@d standards, the possibility
of using fillet welds on whole perimeter of the &t is limited to the members
with the inclination angle not less than®8Mh the case of fillet welds all round,
the minimum value of the inclination angle for whithe standard provision
about the joint geometry are met is 60°.
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Table 2. Geometrical limitations according to [@]using butt and fillet welds in welded joints beem
rectangular hollow sections

/7
A

Y

™

p=g

C

Option |
Weld location
A B C D
0<60° 60° <6<9(°
Weld type butt butt fillet fillet
Option I
Weld location
A B C D
) 0<60° 60° <B<90° )
Weld type fillet butt fillet fillet

Table 3. Geometrical limitations according to [@]using butt and fillet welds in welded joints beem
circular hollow sections

Option |
Weld location
A, B C D
6P <6<9(® 0<60° 60 <6<9(°
weld type butt butt filet butt
Option I
Weld location
A, B C D
i 0<60P 60 <6<9(P i
Weld type fillet butt fillet fillet
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types of welds depending on: location of the
weld, standard and angle 0
of the inclination of the diagonal

location of the weld

PN-EN 1090-2

PN-EN 1090-2 PN-EN 1090-2
PN-EN 1090-2
variant 2
o — o}
90"80° TESTING P

PN-EN 1SO 9692-1
PN-EN 1993-1-8

PN-EN ISO 9692-1
PN-EN 1993-1-8

PN-EN 1090-2 PN-EN 1090-2

AN

[CF Bl [Df
PN-EN 1090-2
N - fillet weld
V - butt weld

\/*- fillet weld considered as partial penetration butt weld

Fig. 2. The conditions of applicability of fillehd butt welds in steel hollow sections joints

4. Welds in cold-formed zone of hollow sections

In the joints between rectangular hollow sectiolasef groove welds are
used. The standard [11] specifies the thicknesthisfweld type as shown on
Fig. 3a. Whereas according to [7], the thicknesthefweld shall be determined
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on the basis of the interfacial angle inscribedhia groove weld, and its value
should not be smaller than 60°. In addition, tleendard [11] refers to the design
thickness, while the standard [7] to effective kniess.

flare groove welds thickness according to:

a)

my . °
"'\/'76‘00 min 60

oo

PN-EN 1090-2 [7]

b)

PN-EN 1993-1-8 [11]

Fig. 3. Interpretation of flare groove welds thieka according to: a) standard PN-EN 1090-2 [7] and
b) standard PN-EN 1993-1-8 [11]

5. Conclusions

Welded joints in steel hollow sections designedatiog to PN-EN 1993-
1-8 [11] should be executed in accordance with PNAB90-2. [7]. This last
standard refers to PN-EN ISO 9692-1 [12] whichudels recommendations for
the preparation of welded joints. The first twaloé above mentioned standards,
apart from general provisions for welded jointssoalprovide detailed
requirements for joints in hollow sections. It magem that the provisions
of mentioned standards should be consistent withh eather. However,
it appears that in many areas are mutually cordtagi, and it is not possible
to simultaneously meet the provisions of all abmemtioned standards.
This may mean that welded joint designed in aceurdawith the provisions of
PN-EN 1993-1-8 [11] is not possible to execute.

Analysis of aforementioned provisions revealed tbgfillet welds they are
simultaneously fulfilled only if the inclination ghes of the elements are in the
range of 70°-100°. According to recommendationsPbFEN 1993-1-8 and
EN 1090-2, the same weld type around the perinadtéine element connected
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to the chord of lattice structure is possible teaie only for inclination angle
not lower than 60°. Discrepancies between theswlatds also exist with regard
to the interpretation of the dimension of the flgreove welds in connections of
rectangular hollow sections with the same widthatidition, analyses of the
recommendations for welding in cold-formed zonesnaficate that, for steel
grades currently used for the production of coldrded rectangular hollow
sections, welding in these zones is not permittely ¢or profiles with wall
thickness equal to 12.5 and 16 mm. The above-madidgssues point out the
need for mutual unification of Standards for thesige and execution of steel
joints in hollow sections.
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TELESCOPIC JOINTS IN STEEL TUBE TOWERS

Modeling problems of new generation of steel skaNers supporting overhead
power transmission lines and having telescopictgoare presented in this paper.
The towers of such structure, designed accordinght® European standard
EN 50341 [8], ensure high reliability even when jsoted to high technological

and climate loads. In this paper elements of difiéiated reliability requirements

are verified, and special attention is paid touhkies of variable loads coefficients
for different reliability classes of the considerattucture. Using computer

modeling tools and linear, elastic shell theory thodeling error of telescopic

joints in a sample tower supporting overhead powansmission line rated

at 110 kV is estimated.

Keywords: columns, shells, power lines, bearing capacitjaloéity, telescopic joint

1. Introduction

1.1. Types of towers supporting overhead power trasmission lines

Overhead power transmission lines, rated for tHeage of 110 kV and up
to 400 kV, are usually supported by transmissiavets having lattice structure.
The precise shape of the supporting structure dipen the parameters of the
supported line, including the spacing of the pheseductors and grounding
wires, economic considerations and the requirenafresvironmental protection.
The lattice supporting structures are often charaetd by large dimensions,
and especially built up horizontal size, due toréguired stiffness of the whole
structure.

In the urbanized areas, as well as in the aredsdifiicult access, such as
near shore and on steep slopes the steel tuber§ngpowers characterized by
compact contour, much smaller than the contouratiick towers, seem to be
a much better solution. Regarding the purpose getific application the
towers of both types may be divided into the foilogvgroups: tangent (P),

1 Corresponding author: Marian Gy, Cracow University of Technology, 31-155 Cracow,
24 Warszawska St., tel. 12 6282033, e-mail: marge@xdteria.pl
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angle (N), tangent strain (O), angle strain (OMjadiend (K), branching (R) and
crossover (S). The functions of all tower types described in detail, among
others, in monograph [3].

The steel shell towers offered in Poland coverdgbstructures, designed
to support overhead power transmission lines r&aedhe voltage of 110 kV
(cf. the catalogue [2]). An assortment of towerppgrting one or two circuits
and belonging to various series is listed in thasalogue. Depending on the
foreseen application, the following two types hdeen designed: tangent (P)
and strong (M2), (M4), (M6), (M9), (K) and (KG). Withe catalogue heights of
15.00 m to 25.00 m and span lengths of 250.00 #0&00 m in the sLwind
and icing climate zone these towers satisfy thabiity requirements of the
Eurocode PN-EN 1990 [4], including the specificatid load and bearing capacity
coefficients listed in the code PN-EN 50341-2-222(08]. The fitting elements
of these towers, exceeding the commercially aviElabeet metal lengths, are
assembled on site with telescopic joints (cf. fig.

Fig. 1. Assembly of the steel shell tower trunk

The steel shell towers supporting overhead powasrsmission lines, in
spite of modern structural solutions and warrardedability, should not be
treated as competition of the lattice towers, hthier as an important supplement
of the commercial offer available in Poland.

1.2. Reliability elements of steel supporting struares

Elements of reliability for the steel structurepporting overhead power
transmission lines, including the partial composeat: loads ) and bearing
capacity)u present in the version of limit state method addph Eurocodes may
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be found in several codes. Especially the generak rspecified in Eurocode
PN-EN 1990 and the following parts of Eurocode IS:EN 1993-1-1 [5], PN-EN
1993-1-6 [6], PN-EN 1993-3-1 [7] (lattice suppogtistructures) and PN-EN
1993-3-2 (shell supporting structures) are to lkaeed with. In addition the
European standard PN-EN 50341-2-22:2016 [8] deaith whe operating
conditions of overhead power transmission linesgeciging the reliability
components corrected with respect to the genegalirements, and oriented
exclusively on this group of steel structures. As@l of the requirements listed in
the codes enumerated above indicates that tharsgétiwad and bearing capacity
coefficients based on Eurocode 3 and Europeanat@iN-EN 50341-2-22:2016
is incoherent. This is documented in Table 1 arfdleTa.

Table 1. Partial coefficients for permanent G aadable: wind W and ice | actions

Result of Reliability Class Permanent Variable Actions
Actions RC Actions G Wind W Icing |
@) 2 (€)] 4) ®)
coefficients)e according to PN-EN 1993-3/1 and 1993-3/2
3 1.2 1.6
disadvantageous 2 1.1 1.4
1 1.0 1.2
advantageous 1,2i3 1.0 0
coefficients)e according to PN-EN 50341-2-22:2016
3 1.0 1.4 15
disadvantageous 2 1.0 1.2 1.25
1 1.0 1.0 1.0
advantageous 1,2i3 1.0 0 0
coefficients)e according to own research
3 1.1 15
disadvantageous 2 1.1 1.4
1 1.1 1.3
advantageous 1,2i3 1.0 0

The partial coefficients of limit state method acbtog to the Eurocode
PN-EN 1990 are expressed as product of two comperavering the random
influences (coefficientys for loads and, for bearing capacity) and modeling
errors (coefficientgesq for loads andgq for bearing capacity):

W= Ksd M = Mnfsd )

Initial specifications regarding the range of valtle load coefficients may
assume may be found in PN-EN 1993-3/1 and 1993e8/2he reliability class
RC 2, these values are listed in bold in the Tdbl&he values assumed in the
abovementioned codes may be derived from the spmihs listed in PN-EN
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1990 [4], Table A1.2(B), when smaller modeling esnaq of constant and variable
loads acting on supporting structures of overheaglep transmission lines, with
respect to other building structures, are accoufved Such interpretation is
doubtful in the case when load coefficients areifipd for RC 2 class structures
according to the code PN-EN 50341-2-22:2016 (réolictf coefficients:ys from
1.15 to 1.00 angk form 1.50 to 1.20+1.25 is not justified).

Differentiation of reliability in both standard amaches raises serious
doubts. The value of load coefficient may not beuaged arbitrarily, but has to
be justified statistically, with proper analytic@rmulae (cf. [1]). In the basic
case the reliability condition for each structuresaribes the relationship,
in which computational values of bearing capadiy and load effectsEy
are compared:

Ri=R - fritg 2Ea= E + fiepe (2)
Specifications of partial coefficients attributeal the bearing capacity for

reliability classes other than RC 2 may be deribgdpplication of correctional
factorKg, having the form:

R - 0.8fgcottr = Kr(R - 0.8fciR) (3)
to the left hand side of the formula (2), and thus

Ke = 1-0.88rc,Vg @)
1-0.86xcVg

where % = u. /R — variable random material strength coefficient.

Analogous explanation may be made for variableddadcharacterized by
the average value @ and standard deviation,, ), considered at the right hand
side of formula (2), by introduction of the coriiecial factorKg:

Kri (Q + 0.7fpcottn) = Q + 0.7 fpcitg (5)

_ 1+0.78gcvg

Fi = (6)
1+ O.7[)’RC2VQ

where ¢ = 1, /6 — random load variability coefficient.

For the structures belonging to RC 3 class, dedigfte the sample
reference period of = 50 years, the reliability coefficients accorditgg the
Table B2 of the code [4] are equal fxc> = 3.8 andbre = 4.3, respectively; thus
the formulas (4) and (6) for bearing capacity aoddl reduction coefficients
depend only on corresponding variability coeffiegen
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_1-0.88,8v, _ 1-3.04v,

KR - = H (7)
1-0.804,3v,  1-3.44v,

_ 1+0.7 Dﬂf.?;vQ 3 1+ 3.01vQ

Fi = : (8)
1+0.7(B.8v, 1+2.66v,
EFA Il
R /
Lo 4y
! K
&9 .
i RC3
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10,151 0,50 RC1 1,60
™\
»
T K —™7TFTi o
\
\

Fig. 2. Graphs of reduction coefficients &d Kri according to the formulas (7)+(10), cf. [1]

For the RC 1 class, the reliability coefficientcarding to the Table B2, is

equal tofrec = 3.3; thus the formulae (4) and (6) for reductimefficients have
the following form:

_1-0.8B.8v, _ 1-3.04v,

Kr = = 9
1-0.808.3v, 1-2.64v,

_1+07[B3v, _1+2.31v,
©1+0.7(B.8v, 1+2.66v,

(10)

Fi

The graphs of reduction coefficients as a functainmaterial strength
variability coefficient w and variable load variability coefficiengare depicted
in fig. 2. In view of the above results, the diffatiation of the reliability
requirements set for building structures accordinthe recommendations of the
code PN-EN 1990 is fully justified and safr(= 1 for RC 2 class and
correction of the load coefficienjg for classes RC 1 and RC 2 by the correction
factorsKg having the values listed in Table 2).

Supporting structures of the power transmissiorsliare designed to be
made using unified range of the rolled productgl@irons or plates, which are
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characterized by small negative thickness tolermrgafe estimation of constant
loads G is a result of designing for nominal dimens, this justifies the
simplifications in formulas (8) and (9)c\= vo = 0, as well a¥rc = 1.0. Icing
and wind are characterized by substantial vartgbithus a correction of the
load coefficients for variable loads accordinghe Table 2 is justified.

Table 2. Values of thEr coefficients for actions according to PN-EN 198D [

Correction Reliability class

coefficient RC1 RC2 RC3
@) 2 3 4
Kri 0.9 1.0 11

Analyzing the data presented in the Table 1 oneabagrve, that the ratio of
wind and icing load coefficientg, for various reliability classes is not preserved,
both for recommendations contained in the code RINe&341-2-22:2016 as well
as codes PN-EN 1993-3/1 and 1993-3/2. Graphs e@epict fig. 2 show the
limiting values 0.9< Kg < 1.1. Our own specifications, rounded down to 0el a
in perfect agreement with analytical results.

1.3. Numerical analysis of bearing capacity for stis with telescopic joints

Shell model is usually assumed to analyze the hgasapacity of steel
towers with telescopic joints.

Static linear (LA) analysis is the simplest metlod@nalysis available, with
simple linearly elastic material model and contphenomena accounted for.
The interaction between two independent, but adjgishells is ensured by the
tools available in the FEM computational environin€ontact is defined on the
common boundary of the shells. The displacemenddl ithree directions of the
orthogonal coordinate system are restricted atbibigom edge of the joint.
The nodes located at the top edge of the uppet aksembly are usually
connected with rigid elements. This approach dassperfectly correspond to
the real behavior of the structure, but if proparecis taken when the length of
the modeled section is determined the errors irdincay be limited. The same
applies to the fixing of the lower shell assembly.

The numerical simulations performed allow for edggermination of the
correct tower section length, at which it is pokesito obtain reliable results of
calculations. Quadrilateral shell elements are csede for analysis, as these
elements are very convenient in modeling the regggametry of a shell having
polygonal cross-section and shall correctly motiel performance of the shell
subjected to loads. Two finite elements of thisetypamely CQUAD4 and
CQUADS are available in NASTRAN solver. These a@parametric elements,
taking into account the interaction of membrane aedding stiffnesses, but
differing in the number of nodes in each elememicgkding to experience, with
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the same number of nodes in the whole structureCtQEADS8 elements yield
better quality results in static analysis.

The contact between touching surfaces in the lin@aalysis is
accomplished via contact surfaces, and in the neati analysis — via linear gap
elements. Static and dynamic friction coefficiemsy be defined. Finite
elements of the CGAP type generate three possthkesson the boundary
between two touching surfaces:

- relative sliding of the surfaces, when the frictmefficient is equal to zero,

- static pressure between the surfaces, when theenirfgrce between the
surfaces is lower than the maximum static fricfiorce,

- relative sliding of the surfaces, when the tanderde between the contacting
surfaces exceeds the maximum value of the statitoi Frax

Fmac LN, (12)

where:u — static friction coefficient,
Fn — force normal to the contacting surfaces.

Friction coefficient for steel surfaces subjectechot dip galvanization is
assumed to be in the range of 0.1+0.3, depending/itwther the structure is
loaded primarily in a static or a dynamic mannehe Tloads acting on the
supporting structures of overhead power transmidénes are predominantly of
static character, thus the upper bound of the ramngg be assumed. This
increases the bearing capacity of the telescogienalsly joint.

2. An example of telescopic joint modeling
2.1. Assumptions for numerical calculations

The numerical analysis results are presented fdelescopic joint in
a sample strong tube tower designed as a part fOakV overhead power
transmission line Munina-Lubaczéw construction ecbj to the designed
110/15 kV transformer station Korczowa. The anallygection is a two circuit
one, with span lengths of 240 to 360 m. Single span occasionally pairs of
adjacent spans constitute a strain section.

The tube tower of the type Orc M2+32, designated4vi2designed for the
considered line functions as tangent strain andeastgain tower. The routing
angle at the locations of this tower is between 4160 180 degrees. Total height
of the tower is equal to 57 meters. The structoraprises of 6 tapered sections
having hexadecagonal cross-section. The tapenial ég 21 mm per one meter
of section height. The diameter of circle inscribeth the contour is equal to
2.20 m at the support and 1.00 m at the top ofdher. The tower is fitted with
six working cross beams and two grounding ones. Thaducting and
grounding wires are suspended in a strain modell &8 aupporting points.
The steel-aluminum wires AFL 6-240 rhmre used as conductors, while steel-
aluminum wires AFL 1-750 mfare used as grounding wires.
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The following design assumptions have been maderdeyy the supporting
structure:

1. The tension in the conductor wires at ¥@0s equal to 8.00 kN and 16.32 kN
in the spans adjacent to the considered tower,ewtiie tension in the
grounding wires is equal to 2.94 kN and 6.93 kiNpeztively.

2. The primary stress, i.e. the stress existing in wiees at the ambient
temperature of -8, when the standard icing occurs. In the condactiois
stress is equal to = 55 MN/nf ando = 100 MN/n#%, while in the grounding
wires it is equal t@ = 100 MN/nt ando = 180 MN/n¥.

The telescopic connection of the two middle towecti®ns is analyzed
numerically. Both segments are made of 14 mm thidel plate. Segment
lengths are equal to 11.4 m and 12.0 m, respegtiged the sleeve length in the
joint is equal to 2.70 m, (cf. fig. 3). Both segrteeare made of S355J2 steel.

1352

1529

12000

1546

2700

1642

6700 modelowany fragment

1659

11400

Fig. 3. Basic dimensions of the analyzed assemiaiyoses in the telescopic joint
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2.2. Numerical model of the joint

Numerical model of the tower segment has been, thaking the length of
6.70 m, comprising of a section 2.70 m long, whitye two connecting shell
sections overlap, and two additional segments lgatvia length of 2.00 m each,
located above and below the overlapping zone. gnfient of the shell model of
the joint is depicted in fig. 4.

Fig. 4. Fragment of the shell model of the jointha8x8 cm finite element mesh

The model has been loaded with a set of sectionzg$:Mep = 3,166.0 kNm,
Neo = 190 KN andVep = 157 kN, which were computed during the global
statical analysis for authoritative combination loAds acting on the tower.
The numerically nonlinear analysis including thentemt between elements
required several simplifying assumptions, whichaffect the final precision of
results, especially when the model undergoes ldejermations. In particular
the load is applied to the shell in single steq #re interaction mode of the
contacting elements is set at the beginning ofathalysis. Each pair of finite
elements may at any moment during the analysismbene of three mutually
exclusive states: separation (no contact), comjaregtangent forces lower than
the maximum static friction force) or slip (tangdatces exceed the maximum
static friction force). The linear analysis leadsttie results, which are strongly
dependent on the assumed finite element mesh lsitethe increase in mesh
density usually leads to the results, which areeitter agreement with the results
of nonlinear analysis.

The influence of finite element mesh size on timalfresults expressed as
the equivalent stresses in the joint area is degiat fig. 5. In fig. 5a), for the
8 x 8 cm element size, the maximum equivalent stvatue isc = 275 MN/nt
and occurs in isolated points at the bottom edgth®fupper section, while in
fig. 5b) for the 4 x 4 cm element size the maximequivalent stress value is
0 = 241 MN/n%.
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According to the analyses performed by the authtirs, finite element
mesh composed of 16 x 16 cm elements yields theragrt equivalent stresses
0 =175 MN/n%, thus the obtained results are ambiguous. TaKiegrésults
depicted in fig. 5a) as binding, one may state that limit state condition,
taking into account the plastic bearing capacittdayy = 1.1 is satisfied, as:
0 = 241 MN/n% < 355/1,1 = 323 MPa.

a) b)
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Fig. 5. Map of equivalent stresses for: a) 8 x 8loj#t x 4 cm finite element mesh sizes

3. Summary

A comparative analysis of load coefficients foriahle wind and icing
actions has been performed in this paper with gpehe supporting structures
of the overhead power transmission lines accordenghe Eurocode 3 and
European code PN-EN 50341-2-22:2016 [8], for vamioeliability classes of
such structures. The results of the analysis itglicthat the specifications
present in these codes raise doubts, as they dsatisty the analytical criteria
resulting from the functional relationships betweelnbility classes of building
structures. In addition, the coefficients mentiomddve, and listed in the code
PN-EN 50341-2-22:2016 according to the nationalomemendations are
underestimated with respect to the specificatis®imed for the structures of
this type in the Eurocode PN-EN 1993-3. The loattdia calibration errors
demonstrated here are combined with modeling eduoesto the application of
linear analysis of telescopic joints in the tubulawers supporting overhead
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power transmission lines. Using computer modelinglst and linear, elastic
shell theory, the modeling error of telescopic {gim a sample tower supporting
overhead power transmission line rated at 110 k¢ssmated. It should be
noted, that modeling of a telescopic joint, basedhe linear analysis leads to
computational errors due to the simplifying assuoms and arbitrarily assumed
dimensions of finite elements in the finite elemanesh. In the example
considered here the error is equajdp= 275/241 = 1.14.
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DAMAGE ANALYSISOF THE BLADE TO THE
ROTOR HUB CONNECTION IN THE WIND TURBINE

The paper analyzes possible causes of bolts feattithe connection of the blade to
the hub of the wind turbine rotor. This failure Heeen growth shortly after the wind
turbine was started, a few days after the storminguhe storm, electric power was
turned off in the whole surrounding area for maouns, therefore it was impossible
to control the device. After an initial analysisfailure modes in other wind turbines,
it was found, that the bolts failure in the anatisase may be regarded as quite rare.
Due to the fact that a significant part of boltssveaoken brittle (flat fracture surfaces
and lack of permanent elongation), it was decideartalyse the structure of the
material in the direction of stress corrosion arydrbgen embrittlement. Among
others, microscope analysis of fracture surfacesr dfieir proper cleaning from
corrosion products was carried out. The brokershaéire made as undersized, what
is mainly used in fasteners intended for hot-difvagdazing. On the basis of the
purchase documentation analysis, it was presunadhé bolts were not galvanized
by their manufacturer, which is obliged to perfothe routine inspection in
production process preventing the introductionh&f hydrogenated bolts into the
market. Besides the bolts examination, the scemafi@onnection loads in extreme
situations, in particular the impact of wind witigih energy in the most unfavourable
direction relative to the blade and nacelle, ad althe force resulting from the
impact of the rotating blade on the tower that eded the collapse of the whole
structure, were considered. Conclusions from tifopeed tests and calculations by
use of two calculation models of the connectionew@esented.

Keywords: undersized bolts, mechanical properties of beliad turbine, blade
failure, model of joint

1. Introduction

In recent years, reuse of second-hand structuregnaf turbines in Poland
has become frequent. In these turbines, failurasisting in the loss or failure of
blade fragments due to progressive fatigue prooegsoduction defects [1] as
well as excessive rotor speed, are quite commas temmon is a detachment of
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blade from the rotor or the entire rotor from tlzeelle due to the failure of bolted
connections. This paper discusses the case obtteallronnection between blade
and hub, which failure was accompanied by the ps#eof the tower of a typical

wind power plant. The power plant consisted okgldbwer, a nacelle and a 58 m
in diameter rotor with an axis at 71 m above tteugd (Fig. 1a).

a)

b) : 6200 i} 6200
|

X RN

71000

—— 1

Fig. 1. Wind turbine: a) general view, b) jointween blade and hub, 1-bearing, 2—hub

2.Joint between blade and hub

In the connection of the blade to the hub four-poomtact bearings, bolted
on one side to the hub and on the other side obldee, were used (Fig. 1b).
The hub was made of nodular cast iron in a spHddaa and fixed to the main
shaft bearing. In the hub, threaded holes were raadein the blade, threading
inserts were placed. To connect the bearing tdhthe 52 bolts M24 class 10.9
with the mark W of the manufacturer and with theiaonal marking U (10.9U)
i.e. with undersized thread were used (Fig.2).hSacthread is sometimes
executed to maintain the required minimum cleardocéhe threaded connection
after applying a thick layer of zinc coating in that dip galvanizing process.

As a result of undersize threading, the effectivesg-section of the bolt
decreases slightly. Moreover, bolts with an undetsithread should not be
combined with nuts with oversized thread. In a gicase it is difficult to prove
whether the thread in the threaded hole was oeelsi2an the other hand, it was
much longer than a thread in a typical nut, whicbutd compensate for its likely
weakening due to oversizing. In the connectioneafrings to the blade, bolt class
10.9 with normal clearance and probably made byhanonanufacturer were used.
Only 10.9U bolts in the connection of the bearimthie hub have been destroyed.



Damage Analysis of the Blade to the Rotor Hub Cotioe in the Wind Turbine 57

Fig. 2. Bolts in analysed joint: 1—old bolt, 2—nbuait bought in Poland

An important issue related to hot-dip galvanizing the hydrogen
embrittlement of bolts class 10.9. Regardless efrtiethod of threading, these
bolts must be galvanized under the manufactureritra and tested in a proper
way for hydrogen embrittlement at the productioagst During the in-situ
inspection, it was found that the M24 bolts clags9]l that was used in
a bearing-to-hub connection of the blade detachathgl the disaster, were
galvanized, while on the invoice there is a markioig these bolts "Bolt
M24x180 DIN 931 class 10.9 g. 70 ", without anyoimhation on the coating of
these bolts with a zinc coating. The certificatsoadoes not contain any
information about galvanizing these bolts. Therefibcan be assumed that these
bolts were galvanized outside the bolt factory.

3.Wind turbine damage

The disaster was preceded by a period of a few saigag winds, during
which the wind turbine was at least twice immoleitiz for the first time
automatically due to exceeding the permissible vapded and for the second
time due to lack of power supply. A few minuteseaft was restarted, disaster
has occurred. One of the blades crashed into thertoausing its brake-down
(Fig. 3), what was observed by the windmill own€his blade was detached
from the rotor and discarded (thrown) far away frra windmill. During the
in-situ inspection, it was found, that this bladsl®lls have been stripped off
(Fig. 4a) and its supporting beam (spar) has beetlyoroken at the point of
impact on the tower. A view on a bearing devoithaken bolts has been shown
in Fig 4b.

The thesis was made that the following causes @fdibaster could have
been:

— failure of the blade to the hub connection due lastization of a part of
bolts or the brittle fracture of the remaining lsolt

— detaching the shells of the blade from its suppgrbeam and blocking of the
blade's movement at the level of approximately2+7 m; this possibility is
indicated by the damage of the blade and the toaeuirring at this level,

— a collapse of the tower due to its kinking in tkeetion with the most used
bearing capacity.
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Fig. 3. Wind turbine damage: 1-point of the bladpact, 2—ends of twisted section,
3—ends of braking, 4—area of a blade without sh&Hbroken section of a blade
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Fig. 4. Detached blade: a) supporting beam witlsbetls, b) bearing without bolts

The shaft of the tower in the level of the bladeipact has been twisted,
which may indicate a hit as a factor initiating @ellapse. On the basis of
calculations, the tower collapse due to its insigfit load capacity was excluded.
The tower was calculated assuming that the levétsofiuality declared in the
documentation was preserved. It was decided ty caira wide-spread analysis
of the whole structure as well as possible problentise connection.
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4. Boltsfailures

The immediate cause of the failure of the bladestor connection was
a fracture of bolts, what is rare in wind turbiraldres. During the inspection
it was found, that some of the bolts at about T/Be circumference of the joint
were destroyed with very small elongation or tei{frig. 5).

Fig. 5. The brittle fracture surface of bolt andade with end of bolt

The remaining bolts on about 2/3 of the circumfeeenf the joint were
destroyed plastically, some of them with very Jisiklongation and necking,
which were estimated at up to 20%. The fracturdases of a part of bolts
indicated a brittle fracture.

5. Boltstesting
5.1.Hydr ogen content measur ements

Bolt material was qualified as a ferritic steele@s of this type in bolts
class 10.9 are a material that is susceptible ¢oatlverse effects induced by
possible introducing of hydrogen. For this reasmme of the bolts, with brittle
fracture surface, has been examined for hydrogerient It was obtained
a hydrogen content of 7 ppm for the bolt in thediton with the coating, and
after removing the coating — 1.5 ppm. The examineltl has been used in the
connection since 2015.

Atomic hydrogen can be introduced into the metairduthe galvanizing
process or during contact with the atmosphere dube creation of an electric
cell in a moist connection. In a case when hydrogenld get into the bolt in
the hot-dip galvanizing process, the bolt usualigargoes a brittle failure in the
first twenty-four hours. On the other hand, if tirétle fracture of the bolt would
appear after a longer period of its exploitatiargauld mean that hydrogen was
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introduced into the bolt from the environment inieththe bolt worked, which

can also be proved by the much higher hydrogeneabrtn the surface of the
zinc coating (7 ppm) compared to the hydrogen carieder the zinc coating.
Hydrogen content of 1.5 ppm on the surface of teel<ould not be the cause
of its brittle fracture immediately before or dugithe disaster.

5.2.Analysis of fracture surfaces

The fracture surfaces of three selected bolts eeaenined. Tests confirmed
macroscopic observations regarding the manneref destruction. The fracture
in bolt ‘1' was characterized with a ductile morjdgy with characteristic
cavities (dimples) typical of this type of fractfeég 6a).

Fig. 6. Fracture surfaces of bolts: a) ductile at i, b) brittle of bolt 3

Such a fracture testifies destruction of the matexiter exceeding the yield
point. The fracture of bolt 3 was mainly brittleidF6b) and the fracture of bolt
2 was mixed (both brittle and ductile).

Almost over the whole surface of the fracture ol Bp characteristic lines
resembling fatigue beach marks are visible (Fig Tae areas between these
lines are brittle. The appearance of the fractuiggssts that the material was
destroyed gradually, e.g. during alternating begdihthe bolt. On the fragment
of the fracture of the bolt 2, near its surfacegrelsteristic lines indicating the
fatigue cracking are also visible (Fig. 7b). Suatharacter of the fracture, at the
surface, can occur not only as a result of alteérgdiending of the bolt but also
in the case of hydrogen-induced cracking.
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a)

Fig. 7. Fracture surfaces of bolts: a) bolt 3, &}

Theoretically, there should be no significant stramsplitudes in a preloaded
bolt, what is reflected in the recommendation giireistandard [2] allowing to
adopt a reduced range of stress fluctuating folh subolt. The brittle fracture of
the bolt material characterized with symmetricdigize beach marks (beach
lines) relative to the axis passing through thetreenf the cross-section (see
Fig. 7a) may indicate an alternate bending of tbk &fter a separation was
created in the connection of the blade with thertoTherefore, the hypothesis
may be put forward, that the bolts in the tensiomede had broken up first.
Then, in partly damaged joint an alternate bendinigolts in compression zone
and as a result their fatigue failure occurred.

5.3.Tensletests of bolts

Two specimens of @10 in diameters with a gaugetterqual to its five
diameters, taken from bolts used to assemble thetste, were tested. Tensile
strength Ry) of 954 MPa and 962 MPa, as well as the yieldsstr& o)
815 MPa and 860 MPa and elongation from 15.2% t&%5were obtained.
The strength of the bolt material was slightly deralthan declared and
corresponded to the theoretical class 9.9. Howdhex,strength was sufficient
to transfer all design loads.

6. Joint modelling
6.1. Simplelinear-elastic model

In the connection of the blade with the hub (Fig), & linear distribution of
deformations was assumed, as in the structural mesrdubjected to alternate
actions [3]. It was assumed that the load in thmapression zone is transferred by
a pressure of a ring of bearing on the hub, arttiéntension zone — by the bolts
tension. In this model, a pressure of the ringrentiub caused by preloaded bolts
is not taken into account. The effective sectios determined, in which the bolts
transmit tension and the flange transfers preg&uge 8b). In the calculation of the
connection characteristics, the nominal crossesecti the bolt has been adopted.
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Fig. 8. Connection: a) view, b) scheme of calcolaijeffective cross-section)

6.2.Mechanical model

The connection of the rotors’ blade to the hub veadculated using
a mechanical model consisted of 52 basic comporérke joint. The number of
these components corresponds to the number of. d&dtsh component was
modelled as a spring (Fig. 9), whose axis coinciokti the bolt axis, both in
tension and compression zone. The stiffness déphiag in the compression zone
was estimated based on the elastic shorteninggfrticompressed part of the ring
(bearing race) and the hub with a length correspgnid 1/52 of the connection
perimeter and a thickness of 15 cm — see Fig. hdncalculations, Young's
moduluskE = 210 GPa and the pressure area of the ring éohtibA = 39.5 cm
(see fig. 8b) were adopted. The stiffness of thmgp:. = EA/l =5530 kN/mm was
obtained, wheré= 150 mm is an effective length of the springe-fsg 9.
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Fig. 9. Fragment of the joint and its modeling jaSreys in compression and tension zones

The elastic elongation of the not-tightened bols wascribed by formula [4]:
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Elongation of the preloaded bolt in the ultimateniti state depends
significantly on its dimensions. In the bolts cld€s9, at the moment of their
fracture, the shank deformation of the section euththread is still elastic.
According to [4], the formula was adopted:

5:i 0,4k+|s+ Iy =1 +idt+o,6m+Fu—Fydt+o,6m )
Y E A 05(A+A) E A aE

In formulas (1) and (2)A — the gross cross-section aréda— the tensile
stress are& andm — head and nut height,— length of unthreaded shank (body
length),lq - Is — transition]; — thread length from the transition to the begigni
of the nut,a — coefficient equal to 0.013 for class 10.9 bols;- Young's
modulus Fy = Asfys, Fu = Asfub.

The extension spring characteristic in the tensgione of the connection
was determined under the following assumptions:

—until the separation is created, at the force edoathe preloading force
magnitude~p c = 0.7fuwAs = 247.1 kN according to [5], the stiffness of part
the tension zone is equal to the parts stiffne$isercompression zone,

— ultimate elongation of the basic component of thatjis obtained by
subtracting from the total elongation of the bafided by the formula (2) the
part of its elastic elongation which was utilizediridg its tightening
(0.473 mm) and adding the value resulting from thducing the contact
pressure between the ring and the cooperating faginfnt (0.045 mm); such
assumption results from relaxation of the rigidgriander external force
without essential increase of the force in the balee e.g. [6-8].

The obtained characteristic of the basic part efjtiint in the tension zone
is shown in Figure 10b.

a) F[kN] b) /\ FIkN]
317,7 317,7
285,9 285,9
2471 2471
0,547 §[mm] L0.119 8 [mm]
0,473 1,786 %0045 1,358 ”

Fig. 10. Force — displacement characteristicsoapblt M24 class 10.9, with the actual length of
its shaft and its threaded part b) for the basmmanent in tension in the pre-stressed connection

The bending moment in the connection was appligtiencentre of gravity
of the ring using fictitious finite elements withhggh stiffness, connected to the
basic parts.
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The simple mechanical model described above coelldsed because there
was no prying effect in the connection under cagrsition, and, except bolts,
there was no plasticization of other parts, what e@nsidered e.g. in [9-10].

7.Loads acting on the connection and the bolts effort
7.1. Extremewind load

The calculations were made for the most unfavoerdithde position in
relation to the wind direction. Force coefficiemtsre adopted on the basis of the
data included in many publications. Due to the fdmett wind turbines are
automatically turned off during extreme wind, itsveken into account in the
calculations, that during such wind the blades dbratate. The estimated with
this assumption bending moment in the connectiothefblade to the hub will
not exceed 423 kNm for the standard wind. In the days precgdie disaster,
the speed of the wind was close to the standard sfreed, and on the day of
the disaster these speed during gusts reachedlifonds.

7.2.Load caused by the blade collision with the tower

Adopting the highest operational rotational spekthe rotorQ = 30.8 rpm,
the velocity at the point of the centre of grawfythe blade/ = 25.65 m/s has been
obtained. It was assumed that the two upper blstigsas a result of blocking the
movement by the third lower one, which acts asakétogether with the tower
(similarly to a bump post e.g. in crane girders$je Tipper two blades (Fig. 11a) act
on the axis of the system with the horizontal fdfeg and the momemn,u

Mhub = 2Fb, Frub = 2Fcosx (3)

where:a — angle of inclination of the blade to the vertieais (60 degrees),
b — distance of the centre of gravity of the bladenf the axis of the hub.
The force and the moment will be taken by the systensisted of the tower and
the third blade that had collided with the towaneTormula based on the blade's
kinetic energy is as follows:

0,5m\f = Fs 4)

wheres — distance that was made by the upper blade ingef time from the
lower blade collision with the tower to the stoptloé rotary motion inclusive the
elastic movement of the tower and the blade itself, blade mass applied in its
center of gravityF — inertia force acting on the blade.

Adopting the above assumptions and calculating ssecg stiffness
coefficients, the bending moment in the connectibthe lower (blocked) blade
to the hub equal to %9 kNm was obtained. (Detailed formulas allowihg t
calculation of the bending moment in the connectiogether with their
derivation will be presented in a separate pubitoal
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a)

Fig. 11. Schemes of a structure work: a) bladdsiofi with the tower, b) sudden shaft locking

7.3.Load caused by sudden shaft locking

The shaft locking may have occurred in a case ahadge of pitch
mechanism. During the disaster, one of the elemehthis mechanism was
broken. This could have preceded the disaster ouroed as a result of this
disaster.

Similarly to the point 7.3. the greatest operadlorotational speed of the
rotor 30.8 rpm was adopted. It was assumed thatatoe at the moment of its
sudden blockage acts on the tower with a momeaqgt (Rib):

Mhub = 3Fb (5)

and the kinetic energy of one blade is defined4)y{see point 7.2. Taking into
account the rotation and displacement of the tofh@ftower resulting from the
action of the concentrated moment at the hub lamdl taking into account the
susceptibility of the blade to bending, at the robtthe blade the moment
5763 kNm was obtained.

7.4.The effort of the bolts depending on calculation model

Table 1 presents the estimated values of bendingents acting in the
connection of the blade to the rotor hub and tHeesmof forces in the bolts,
obtained using the models described in point. 6dl@2. The obtained results in
the ultimate limit state, after the separation lew the ring and the hub
occurred, are very similar in both models. Using ¢bnnection model described
in point 6.1, the highest value of external screadl from wind load is 66.5 kN,
and according to the model described in point. 823- kN. These values are
much smaller than the preloading force in the M@y b0.9.
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Table 1. Values of tension external forces per bolt

. External tension force per bolt
Bending KN]
Tlfmrir]lt Simple model | Numerical model Lozl e
point 6.1 point 6.2
1423 66.5 88.1 Design values of wind load (point 7.1
152 7.1 9.4 Wind load at speed 15 m/s
5949 278.3 277.2 Blockage of the blade after collisjpri7(2)
5763 269.5 272.9 Shaft blockage (point 7.3)
The characteristic resistance of the M24-10.9witiit a normal thread acc. EN 1993-1-8 is 317.7|kN;
the design resistance according to PN-B-032009928\, and according to EN 1993-1-8 — 254.2|kN.
Considering that the thread was undersized andhbaensile strength of the bolts was at a level
Rm= 955 MPa it was obtaindelrk= 285 kN

In the case of the load resulting from the blockafyjthe movement of the
blades, bolts fracture would be potentially pogsiblecause the forces acting on
them would be slightly larger than their designigtesices calculated in
accordance with the standards.

8. Conclusion

The obtained results of calculation and materstistendicate that the direct
cause of damage the connection of the blade taotioe hub could have been
caused by the fracture of bolts in the tensile zdune to the impact of the blade
on the tower. During the windmill reassembling inldhd in 2015, there is
a high probability that one of the rotor blades ofantured around 2003, was
installed in the windmill that has been produce@008. A situation occurred, in
which shells have been stripped away from the ppactically for the whole
length of that blade. Resultantly the rotor movemeamas blocked and the
connection of blade to the rotor has been broken.aAesult, the tower has
collapsed.

In the connection of the blade to the rotor theeansided high strength
bolts, likely galvanised outside the bolt factomgre used. The strength of these
bolts was slightly lower in comparison to the noahistrength. The bolts were
tightened with the torque moment indicated in thehhical documentation of
the windmill, without carrying out own tests applgi the adopted method of
their lubricating. Therefore, the values of thehtening forces introduced into
the connection are not known.

The presence on the market of fasteners with mécdlaproperties
deviating from nominal values, low awareness ofesgland technical staff
regarding the consequences of using high-strengifagized bolts outside the
bolt factory as well as the principles of corréghtening of high-strength bolts
may be worrying.
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EXECUTION AND INSPECTION OF STEEL
HOLLOW SECTIONS WELDED JOINTS

The hollow section welded joints require a numbéractions before starting

welding and appropriate supervision during thisrapen to achieve joints with

adequate quality level, which should be confirmegdthe post-completion tests.
The execution of hollow section joints is assodatet only with welding, but also

with cutting and additional machining of edges.sbme cases, weld surfacing is
also applied to correct sections fit-up. Weld stirfg and thermal cutting can
cause local hardening of connected elements. Thaingehas to be preceded by
an assessment of the previous technological prese3$ie welded joints can be
only executed on the basis of detailed Welding &dace Specifications (WPS).
Itis advisable to manufacture — in accordance pitbviously prepared WPS —
pre-production joints for testing, proving the &pgilof the welding personnel to

execute welded joints with specified quality, usitige available equipment.

The quality of welded joints is proved by testidgtype of conducted tests, thus
scope and type of welding defects possible to detispends on the weld type,
wall thickness of connected elements and joint ggomThe authors’ experience
indicates that the proper execution of the weldeidtjof hollow sections is

difficult task, which often requires pre-productiquality testing of the joints.

Keywords: steel structures, lattice structures, hollow sestiavelded joints, welds

1. Introduction

Steel structures of modern buildings or civil emginng works are treated
as construction products individually manufactuogdcustom-made in a non-
series process in response to a specific ordeirstalled in a single identified
construction work. In this situation, the manufaetwushall provide a declaration
of conformity with structure design documentatiord &N-EN 1090-2 [4] for
steel structure or PN-EN 1090-3 [5] for aluminumusture. In compliance with
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the building regulations, metal structures desigaecbrding to the Eurocodes
have to be executed by the manufacturers who hadifiCate of Factory
Production Control according to PN-EN 1090-1 [3{eEution of a steel structure
with parameters assumed in the structural desigiurdentation requires the
contractor to take a series of actions - both pti@ production process and
control activities on the subsequent stages okeueeution, to verify the quality
of the executed work. Selected issues relatedet@xlcution and quality control
of welded joints in steel hollow sections are désad in this paper.

2. Preparation for welding

Steel hollow sections welded joints have to satigfy requirements of
PN-EN 1090-2 [4] concerning the execution of steelictures, necessary to
ensure their adequate bearing capacity, stabgityyiceability and durability.
The contractor should have the necessary qualditaitand use appropriate
equipment and measures to achieve compliance wéthequirements given in
the technical specification and in PN-EN 1090-2 [4]

During the execution of welded joints in circular @ctangular hollow
sections appropriate guidelines should be usedhniniclude provisions about
the preparation of joint faces for welding, weatpestection, preassembly for
welding, welding processes, drawing of the joinglding sequence, welding
position, welding parameters (e.g. welding currant, voltage, gas flow), heat
treatment conditions, etc. To execute welded jantollow sections some
additional information is required: start and spmsitions of each weld (Fig. 1b,
2b) and — if this is the case — the manner anditot@n the connected section
perimeter where the weld passes from fillet int® butt one. Above mentioned
information should be included in Welding Proced@&geecification (WPS),
prepared in accordance with PN-EN ISO 15609-1 [7].

Before the execution of steel structure, the cattrashall ensure that it is
able to make a joint with the parameters descriimethe structural design
documentation. One of the elements of the systamethables to obtain welded
joints with the required quality is Welding ProceeluQualification Report
(WPQR). The aim of the WPQR is to confirm an apitif the steel workshop to
execute a particular joint type, with a given getrsn@nd for specify material
type, using welding technique available in the vgbtidp. The WPQR is the basis
for elaboration of the WPS. Scope of tests rela@dwelding technique
qualification depends on execution class, type aept material and welding
technique. In practice, the qualification of welglitechnique is most commonly
carried out on the basis of PN-EN ISO 15614-1 y#jch enables to qualify
welding technique for execution classes EXC2, EXx@8 EXC4. Qualification
of the welding technique according to PN-EN ISO 164 [8] includes
following stages:
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— a detailed analysis of the welding production (deieation of the basic
variables: type of welding process, parent mategialip, dimensions of the
elements, type of the joint — thickness, diametetding positions),

- choosing of joint for tests,

— elaboration of the preliminary Welding Procedure@fication (pWPS),

— execution of test specimen,

— destructive and non-destructive testing for weldexhniques,

—issuance of the Welding Procedure Qualification dRéc(WPQR) by the
notified body,

— elaboration of the Welding Procedure SpecificafdPS).

If the impact testing is required, tests shouldcheied out at the lowest
temperature at which this property has to be obthiaccording to appropriate
Standard for grade of steel used in tests. In #se ©f steels manufactured
according to PN-EN 10025-6 [2], microscopic tesboé specimen is necessary,
the picture covering the heat affected zone (HA®&glting zone, and a filler
material zone has to be taken. For elements witipéeary corrosion coating,
test should be performed by joining the elementh whe largest acceptable
thickness equal to the nominal coat thickness thles/alue of tolerance.

3. Profiles preparation and execution of welding

Frequently in their engineering practice, the arghbad to deal with
documentation in which the issue of welded joinhatlow sections was treated
in an imprecise way. In the design documentatitres designers very often put
the graphical symbol of the circumferential welddtscribe joint on the drawing.
There are also structural design documentationsrevtiee weld thickness is
given only in the form of description with relatitm element thickness.

Structures designed according to Eurocode 3 [6llshbe executed in
accordance with the Standard PN-EN 1090-2 [4] —<tyhin the case of welded
joints in hollow sections, refers to PN-EN ISO 969214]. Each of these
Standards give different ranges of butt weld applon, which may cause that,
from a technological point of view, type of weldsamed by the designer is
impossible to execute. This issue will be furthewveloped by the authors.
For welded joint in rectangular hollow sections EN-1090-2 [4] describes
how to prepare profiles for welding for two varigntoutt welds (Fig. 1c)
and fillet welds (Fig. 1d). Preparation of faceshiollow section joint for the
one-side welding should met the provisions of PN 9692-1 [14] and
PN EN ISO 9692-2 [15].

According to the information given in Figures 1 @doth for circular and
rectangular hollow sections the same weld typeraddbe whole perimeter can
be obtained only if the angkranges from 60° to 90°.
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a) b b) WELDING SEQUENCE
: /\ —
alc |a Loof J Myt | . =‘
‘ J - / :
IR | o it
! { /) ¥ ———1I~
% 4 ( | 24 bg f
‘ | | ——
b,
-~ @ - START POSITION

VARIANT 1 - BUTT WELDS

]
) Weld A,B Weld C Weld D
a —br j'
Y LA \= ¥
. S N .
L y
] W | - )
- . )
ifb.:bEI i be < b 60° < 6 < 90°

b =2 mm do 4 mm

"f'l“‘“?dm’; b=2mmdo4 mm b=2mm do 4 mm
c= n:'nopmm c=1mmds2mm ¢=1mmdo2mm € =1mmdo2mm
o = 20° do 25 For6 < 60° fillet weld

should be used

VARIANT 2 - FILLET WELDS
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if by < by mm 60° < 6 < 90° 30°<6<90°
b =max 2 b =max 2 mm b =max 2 mm

For# < 60° butt weld
should be used

Fig. 1. Welded joints in rectangular steel hollaetsons: a) description of welds and dimensions,

b) start and stop positions and welding sequengaeparation of joint faces in the case
of butt welds, d) preparation of joint faces in tase of fillet welds

When the anglé@is lower than 60the weld D (see Fig. 1a, 2a) should be
executed as fillet weld, while the weld C — as bid. It causes that on the
perimeter of the connected sections exist two tygfeselds — butt and fillet.
According to PN-EN 1090-2 [4], welding of branchneections in hollow
section with the anglé lower than 60 should be qualified on the basis of

special tests.
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S b) WELDING SEQUENCE
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Fig. 2. Welded joints in circular steel hollow sens: a) description of welds and dimensions,
b) start and stop positions and welding sequengaeparation of joint faces in the case
of butt welds, d) preparation of joint faces in tiase of fillet welds

It may be noticed that Fig. 1 and 2 give some renendations that are
worth to be taken into account during detailing thitice structures made of
rectangular hollow sections. While in the caseiltdtfwelds it is permitted that
brace fully adjoin chord, in the case of butt welle appropriate gap between
the connected elements should be ensured. Thiscgapbe obtained by
introducing in the workshop documentation apprdphja shorter elements
which reduces the labour consumption of the prépgrawork, and thus
decreases the cost of structure execution. For gheanfor the angle of
inclination 8=6C°, the element should be 4.6-9.2 mm shorter, whahush
greater value than length tolerances accordind\t&R 1090-2 [4]. For circular
hollow sections standard PN-EN 1090-2 [4] doesimditate the position where
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welds A and B should transform from fillet to bathe. The authors propose
assuming that it take place at the point whereatigle between generatrix of
brace external shell and tangent to the chordusleq 120.

In the case of joints of lattice structures madesofangular hollow sections,
elements are usually cut by band saw. This protteisdoes not change the
hardness of the material and therefore do not &serehe risk of cracking after
welding. If thermal cutting processes (e.g. lasdtirng, plasma cutting) are used,
their capability should be periodically checkeddese of their influence on steel
mechanical properties, particularly hardness. Tééiwation consists in taking of
four samples from the constituent product to bebguhe process [4]:

1. a straight cut from the thickest constituentdoit,
2. a straight cut from the thinnest constituentpias,
3. a sharp corner from a representative thickness,
4. a curved arc from a representative thickness.

The quality of cut surfaces is defined accordind®t-EN ISO 9013 [12]
and should fulfil provisions given in Table 9 of B 1090-2 [4]. If hardness
test is required, the results should be in accagamith Table 10 of PN-EN
1090-2 [4]. In this case, capability of the proessthat may cause local changes
of steel hardness (thermal cutting, shearing, pagg¢hshould be checked.
In order to achieve the required hardness of fige esurfaces, preheating of
material may be applied. The check of the procegslility is carried out as
follows: four samples are taken from the structysebducts that are most
susceptible to local hardening, four local hardriests are done on each sample
according to PN-EN ISO 6507 [11], in locations ik be hardened. This allows
to confirm the lack of influence of cutting methon steel weldability.

For joints in rectangular hollow sections withdillwelds, when the chord
and brace profiles have the same width (see Figveld A and B, the case
b:=hv), and the chord has a large fillet radius, theistdjents to the width of the
excessive gap between the connected parts mayededésee Fig. 3).

4_.+w
weld A, B %@
7 q@

7
S/
80

Fig. 3. Exemplary geometry of the brace to choidtjaith the same section width
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In this case, preparation for welding should inelwtiditional grinding of
raw cut surface after cutting by band saw. Howetwermake this solution
possible — the workshop drawings should include #ppropriate length
overmeasure. An alternative solution is brace veeidacing [1]. This process
should be carried out as a single-pass and, slyiks thermal cutting or
welding, requires appropriate WPS. If there is @d® correct the lack of fitting
of connected elements, the weld surfacing canlasosed, even if braces have
lower width h than chord b (Fig. 1a). In the case of joints in circular hallo
sections, it is most convenient to shape elemetté esing computer-controlled
plasma or laser cutting machine. This technologyidees almost ideal surface
of the groove weld edges. It is also possible spshthe groove weld edges with
the use of oxyfuel gas cutting but, in this cassigaificantly lower quality of
surface of groove weld edges is obtained. Podyilofiincreased hardness of the
cut surface also has to be taken into account.

Welded joints in hollow sections are executed usiiregfollowing processes
according to PN-EN ISO 4063 [9]:

—111: manual metal arc welding (metal-arc weldinthwiovered electrode),
— 135: metal active gas welding (MAG welding),
- 136: tubular-cored metal arc welding with active ghield.

The welding methods 135 or 136 cannot be in practipplied for the
execution of parts of the weld D if the an@lés lower than 50° due to the lack
of appropriate access for the welding nozzle taeaehproper weld penetration.
In this situation, the welding in this zone haveb® carried out using the
covered electrode 111 method; and the remaining gigoerimeter by 135 or
136 methods. The start and stop positions (seelbig2b) of welds for hollow
sections in the lattice structures should be giwenWelding Procedure
Specifications. Branch connections in hollow sewtioof lattice structures,
containing combined welded joints (with filled abdtt welds), can be welded
without backings. Flat grinding of one-sided buélés welded without backings
is not permissible. This type of welds may be fjehded to the level of parent
material surface, only if they were entirely weldeith backings.

4. Testing of welded joints in hollow sections

The issues described in the previous paragraptedaas the execution of
the welded joints in hollow sections with approf@iajuality is, as practice
shows, quite difficult. This follows from the fatitat on section perimeter butt
and fillet welds may exist alternately. Moreoverjedto the geometrical
limitations, the use of different welding method41 and 135 methods) may be
needed. In addition, it may be necessary to cortteetfit-up of connected
elements by weld surfacing. For example, for brdeased at an angle of 45°
the weld D should be executed by 111 method, whedfuires, after formation
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of each beads, proper cleaning and grinding of ve¢dalt and stop positions.
Furthermore, the weld D must be finished outsidedbrner, as shown in Fig. 1b.
As a result, at the point where the welding metisochanged from 111 to 135,
the type of the weld also changes from fillet tdtbWihis requires of welders
using many different Welding Procedure Specifiaaio

Quality levels for imperfections in welded jointeeagiven in PN-EN 1SO
5817 [10], but the imperfections related to weldysh and micro crack fusion
are not considered. The quality levels are assatiatith element or structure
execution class EXC. For the execution class EXfDality level D is assumed.
Execution class EXC2 is usually associated withliyukevel C or level D for
undercuts, overlaps, stray arc and warm-holes. Wimt class EXC3
corresponds to quality level B, while EXC4 to leBat i.e. quality level B with
additional requirements. It should be stressed #wambrding to the Design
Standard PN-EN 1993-1-8 [6] quality level C is usueequired for steel joints.
The scope of nondestructive testing (NT) methodsetermined depending on
the structure execution class, type and locationwelds, and resistance
utilization factor. For this reason, the designeowdd indicate in the workshop
documentation if the resistance utilization fadtmrtransversely tensioned butt
welds is lower or equal to 50% or if this valuesicceeded. In the case of fillet
welds the information about resistance utilizafiactor is not required.

Fig. 4. Position of magnetic defectoscope duririgagbnic testing (UT) of brace to lower chord
assembly splice
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If there is a need to verify assumed quality lefeel certain geometry of
joints (anglefd< ~30) with complete-penetration butt welds, it is nosgible to use
non-destructive methods, i.e. radiographic testitifj) or ultrasonic testing (UT).
In this case only magnetic particle testing (MT)penetrant testing (PT) can be
conducted — but these tests allow to detect onlsfasel imperfections.
Radiographic testing is usually not applied in tese of hollow sections.
Ultrasonic testing which reveal both surface artdrior of the weld, such as:
cracks, lack of fusion or delaminations, can beliagppnly in the case of butt
welds and sections with the width higher or eqaa tmm. Ultrasonic testing is
exceptionally allowed for section thickness of eadt 6 mm. In this situation
research program approved by the welding persositielthe third, the highest
degree of qualification is required. Ultrasonidites for weld C (Fig. 1a, 2a) may
be difficult or impossible in the case of the jginthere more than one brace is
connected to the chord due to a need for usinggnetaoke (see Fig. 4).

The MT and PT method may be used for all types laodtions of the
welds, but it should be pointed out that these opwghreveal only surface
defects. In the case of fillet welds, using theitlimpossible.

Regardless of the test types listed in Table 1wallls should be visually
examined on entire length.

Table 1. Scope of available non-destructive te{tNI9T) depending on weld type and
its location on section perimeter

Weld location according to Fig. 1 and 2
Type of tested weld A B C D
uT uT UT (6>30°)
Butt weld MT, PT MT, PT MT, PT
Fillet weld MT, PT MT, PT MT, PT

During the examination of weld shape and surface th# branch
connections in hollow sections, particular attemsball be paid to the following
areas on section perimeter:

1. extreme front and rear positions, and two sidetjpos in circular hollow
section joints,
2. four corners in rectangular hollow section joints.

This means that the geometry and the type of weidg&ated in the
documentation affects the possibility of detectimgld imperfections. For this
reason it is extremely important to manufactureaited pre-production joints
to check ability of the welders to execute thisetygf welded jointsThe joint
should be examined macroscopically, its imperfestishould be indicated, and
welding technique enabling to avoid possible futurgerfection should be
evaluated. Qualification testing of welders shadl darried out in accordance
with PN-EN ISO 9606-1 [13]. In the case of hollogcBons joints with element
inclination angles lower than 60° qualificationwélds shall be carried out on
the basis of special tests - as defined in PN-E®8188 [6].



78 K. Kuchta, R. Silezin, PZwirek

Figure 5 shows the most common imperfections, tededuring tests of
pre-production joints in hollow sections. The lawkfusion is demonstrated in
following figures: Fig. 5a (on the internal surfawfethe brace), Fig. 5b (between
beads in the weld C) and Fig. 5d (in the weld DguFe 5c presents improper
penetration in the weld D. The authors’ experieindécates that, in practice, the
weld D requires the longest preproduction prepamatiin order to obtain
properly executed welds at a given quality levéle Bbove imperfections result
from problems with appropriate access for the vmgjdiozzle to the place of
welds execution or with necessity of welding uslid method.

a) b)

Fig. 5. Welding imperfections detected in the predpiction joints. Description in the text

5. Summary

The execution of welded joints in hollow sectioapart from welding
works, may include cutting (also thermal cuttinggditional machining of
sections edges, and in some cases — weld surfaziogrrect elements fit-up.
As the practice shows, the execution of this joipe at appropriate quality level
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is the difficult issue because in some joint geoit@t configurations on the
same section perimeter both fillet and butt welds/eh to be executed.
In addition, due to the geometrical limitations, niay be necessary to use
different welding techniques (111 method and 135L88 method). In some
cases prior correction of section fit-up by weldfacing of selected walls may
be needed. These circumstances illustrate the tanpme of pre-production
assessment to be sure that given manufacturery tsen specified equipment
and personnel, is able to execute welded jointeeatippropriate and consistent
with design documentation quality leveloint shape and weld type indicate
possible types of quality control tests. Volumetest methods, revealing weld
internal imperfections can be used only in the aafsbutt welds and sections
with wall thickness not smaller than 8 mm (excepidy 6 mm). In all other
casesmagnetic particle (MT) or penetrant (PT) testirdgtecting only surface
imperfections, can be used. This shows the negee§itmanufacturing and
testing the pre-production joints, which can bdiagd to confirm that the
measures used together with the welders skillsleredecution of welded joints
at the appropriate quality level.
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FIRE RESISTANCE OF TIMBER JOINTS WITH
STEEL FASTENERS

Fire safety is a major concern in the design ofb@mconstruction. Wood is
combustible material. The thermal response of tmdmanections is usually the
main factor in evaluating the overall load-bearicepacity of wood structures
exposed to fire. The analysis of timber joints unfite conditions is difficult and

complex. Finite element model is developed to mtetlie thermal behavior of
bolted wood-to-wood joints exposed to fire. In fithe material characteristic
depend on the temperature. The thermal model iSmaus, taking into account
the thermal continuity between the joint componeAiso, the thermal model is
used to predict the evolution of the temperatwekel finside the connection.

The paper presents a summary of results from a ncahestudies of the fire

behavior of wood-to-wood timber connections witkeestbolt. As a result of
computer simulations the temperature distributioaswobtained. During fire
exposure, the timber section is reduced and steklrbduces strength. Load-
carrying capacity per shear plane in fire condiiomas calculated using two
methods: design methods according to EN 1995-1-ar8 reduced load method
according to EN 1995-1-2 [6]. In the first approattine timber section loss and
steel strength reduction during the fire were takeém account.

Keywords: thermal conductivity, fire safety, connectiongwelted temperatures

1. Introduction

Currently, timber constructions are commonly usgd&signers in buildings
because of their good environmental influence. Higber buildings are constructed
in many countries. One of the most important tezdiniaspects in timber
constructions is the fire safety requirements. Wige combustible material.
The resistance of timber structure depends onhigrenb-mechanical behavior of
the structural elements represented by the bebensptumns and the connections.

Connections are the weakest parts in timber strestin normal and fire
conditions [2,3]. They determine the bearing cayaeind the mechanical
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behavior of the structure. The analysis of the lfigdavior of timber connections
is complex and difficult to predict [8,11]. It dap#s on several parameters such
as the geometry of the connection, the fasteneestygnd different thermal
properties of steel and timber.

2. Thermal analysis
2.1. Heat transfer

Timber is anisotropic material. It causes high ahitity of properties.
In fire conditions, timber begins to pyrolyse abab200°C and chars at about
250°C under the formation of charcoal and comblestgases. Charcoal has
a lower thermal conductivity than wood and protehbts inner timber members
against fire. Thermal actions are given by thehwett fluxhne: to the surface of
the member. In fire conditions the net heat flurigtl contain heat transfer by
radiation and convection [10].

hnet = hnet c+ hnet ] (1)

where:hnei— net heat flux [W/r,
hnetc— convective heat flux [W/fh
hnet,r — radiative heat flux [W/Aj.

Convection is the heat transfer between a solid agds. The heat flux
depends on the temperature of the gas in the tjadhithe fire exposed member
and on the surface temperature of the member. Thatien of the net
convective heat flux should be defined as follows:

I«‘1et,c:alcme)g_®n) (2)
where:ac — coefficient of heat transfer by convection WAk,

Gg — gas temperature in the vicinity of the fire exgbsnember [°C],

O,,— surface temperature of the member [°C].

Radiation depends on the temperature of the radistource and the
material properties of the surface. The equatiorthef net radiative heat flux
should be defined as follows:

hnet,r:¢Emgfm—[ﬂer+273)4_(em+ 273)‘] (3)

where: ® — configuration factor,
£,,— surface emissivity of the member,

&, — emissivity of fire,
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o — Stephan Boltzmann constant,
O, — effective radiation temperature of environme][°

O,,— surface temperature of the member [°C].

2.2. Thermal Finite Element simulations

The subject of the research are the timber jaifitts steel fasteners. Figure 1
shows the geometry of the modeled connections.jdihes consist of the solid
wood C20 class, and the steel bolt M16 cl.4.6.h first connection (l), the
beams have the following dimensions: 2860 mm. In the other connection
(1N, the beams are half lower (2805 mm).

I ‘T‘ M16 cl. 4.6 11

250

150,150

Il ’q M16 cl. 4.6 2-2
o 250
. S ——
5) Siesi|

= S e

]

Fig. 1. Geometry of connections

75

The purpose of modeling the connections usingfitiie element method
was to determine the influence of steel elementsmiber connections on the
temperature distribution under standard fire cuf®,12]. The connections
were modeled in 2-dimensional pictures. Thermalatéah and convection as
described in chapter 2.1 were applied on four sidé® connections were
modeled using the SAFIR software [7].

Steel has high thermal conductivity [4]. The h#ak through the steel
elements leads to higher temperatures of the tiniterior. It causes faster
reduction of the net section. The bolt temperatos&de cross-section is much
higher than the temperature of timber section (f@d).
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TEMPERATURE :
782,3°C to 841°C

723,7°C to 782,3°C
665,1°C to 723,7°C
606,4°C to 665,1°C
547,8°C to 606,4°C
489,1°C to 547,8°C
430,5°C to 489,1°C
371,8°C to 430,5°C
313,2°C to 371,8°C
254,6°C to 313,2°C
195,9°C to 254,6°C
137,3°C to 195,0°C
78,64°C to 137,3°C
20°C to 78,64°C

TEMPERATURE :
782,3°C to 841°C

723,7°C to 782,3°C
665,1°C to 723,7°C
606,4°C to 665,1°C
547,8°C to 606,4°C
489,1°C to 547,8°C
430,5°C to 489,1°C
371,8°C to 430,5°C
313,2°C to 371,8°C
254,6°C to 313,2°C
195,9°C to 254,6°C
137,3°C to 195,0°C
78,64°C to 137,3°C
20°C to 78,64°C

b) I I
Fig. 2. Heat flux inside cross-sections 1-1 (1) ai(ll) after: a) 15 min, b) 30 min
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TEMPERATURE :
878,9°C to 945°C

812,8°C to 878,9°C
746,7°C to 812,8°C
680,7°C to 746,7°C
614,6°C to 680,7°C
548,5°C to 614,6°C
482,5°C to 548,5°C
416,4°C to 482,5°C
350,3°C to 416,4°C
284,3°C to 350,3°C
218,2°C to 284,3°C
152,1°C to 218,2°C
86,07°C to 152,1°C
20°C to 86,07°C

oI [

TEMPERATURE :
878,9°C to 945°C

812,8°C to 878,9°C
746,7°C to 812,8°C
680,7°C to 746,7°C
614,6°C to 680,7°C
548,5°C to 614,6°C
482,5°C to 548,5°C
416,4°C to 482,5°C
350,3°C to 416,4°C
284,3°C to 350,3°C
218,2°C to 284,3°C
152,1°C to 218,2°C
86,07°C to 152,1°C
20°C to 86,07°C

d) | I
Fig. 2. (cont.) Heat flux inside cross-sections(1}and 2-2 (ll) after: ¢) 45 min and d) 60 min

3. Mechanical analysis
3.1. Lateral load-carrying capacity of metal dowelype fasteners

Metal dowel type connections have to satisfy #devant design rules and
requirements of Eurocode 5. Connection formed usnagal dowel fasteners,
when subjected to lateral loading, may fail in dttler or a ductile mode.
For connections in single shear, the characterlsticl-carrying capacity per
shear plane per fastenerrk is the minimum value equation for the relevant
single shear cases given in Figure 3.
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Fig 3. Failure models for timber connections, basefb]

Because of the fact that there is only one shkarep this value will also
equate to the load-carrying capacity per fastaméne connection and the failure
mode will be the mode associated with the minimwue equation. The main
functions used in the strength equations are tamelier of the dowel €, the
characteristic fastener yield momelk r« and the characteristic embedment
strength fnixof the connected membier

3.2. Lateral load-carrying capacity of metal dowelype fasteners in fire

The determination of the load-carrying capacitytieé connection in fire
conditions is complex. It depends on the geomédtity@ connection, the fastener
types and the different thermal properties of swmedl timber. During fire
exposure, the timber section is reduced and stderdduces strength. Table 1
contains load-carrying capacity for the appropraiieire model in fire conditions.
The reduction of the timber cross-section was takenaccount using isotherm
300°C in the MES analysis. The reduction of staetrgth with time was
determined on the basis of EC3 (Figure 4).

Table 1. Load-carrying capacity per fastener dutiregfire

Load-carrying capacity per fastener for the
Duration of failure model [kN]
fire [min] a=b c d=e f
| Il | Il | Il I Il

0 545| 27.3] 224 11.83 202 11{7 125 15
15 50.9| 236/ 21.1 9.8 188 103 112 11.2
30 47.3| 2000 196 83 174 8p 101 101
45 43.6| 16.4] 18.1 6. 161 7.p 9.3 9.3
60 40.1| 12,7\ 166 53 14)7 6.8 8l1 8.1
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Reduction factor Effective yield strength
ki 19— Kyo =Tyolfy
0.8 A
\
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Slope of linear elastic range
0.4 4 kEn:Ea-:"rEa
Proportional limit
Koo = oo/, J_'
0.2q L _® ®Y Y |
—————
0 T T T T —— 1
0 200 400 600 800 1000 1200

Temperature [°C]
Fig 4. Reduction factors for the stress-strairtizeiahip of carbon steel at elevated temperatdies [

In the first connection (1), the main failure made destruction of the fastener
(f). This failure mode can occur when the timbeteselements are very thick.
In the other connection (l1), the main failure maslan elongation of fastener holes
due to wood crushing and deformation of fastengsThis is due to the charring
of timber beams and the rapid temperature incrgasisteel fastener.

The load-carrying capacity for bolts per fastesbould be taken as the
minimum value defined by the appropriate failurededs. Figure 5 shows the
load-carrying capacity of the connection.

In the fire conditions, the wooden section is @l especially within the
connection. Tensile strength is reduced. Tablerfatos the change of tensile
strength during the fire.

Load-carrying capacity per fastener in fire
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Fig. 5. Load-carrying capacity per fastener in fire
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4. Design methods according to EN 1995-1-2

EN 1995 1-2 [6] provides design rules for symnuoetrithree-member
connections with various types of fasteners (nhidts, dowels, etc.) exposed to
the 1SO-standard fire. These apply to laterallydksh joints and are generally
limited to fire resistances less than 60 min. Tasigh can be approached in two
ways: as the “application of simplified rules” aasithe “reduced load method”.

Table 2. Load-carrying capacity per block break

Duration of Load-carrying cap[)z\cﬂty per block break
fire [min] | M

0 417.6 208.8

15 356.2 165.4

30 287.1 121.4

45 224.6 84.2

60 168.9 53.8

4.1. Simplified rules

The fire resistance of unprotected wood-to-woodhneations where
spacings, edge and distances and side member damensomply with the
minimum requirements given in EN 1995-1-1 [5] saetB, may be taken from
table 3. If the greater fire rating is desirablee £dge distance as well as the
thickness and width of the side members shoulshtreased.

Table 3. Fire resistances of unprotected connextioth side members of wood

_Tlme of fire . Provisions
resistance & [min]

Nails 15 &> 2.8 mm
Screws 15 ¢ 3.5 mm
Bolts 15 £>45 mm
Dowels 20 {>45 mm
Connectors according to EN 912 15 1>¥45 mm
d is the diameter of the fastener anis the thickness of the side member

EN 1995-1-2 [6] provides only simplified methodet allow to calculate
the load-carrying capacity of the connection in uas.
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4.2. “Reduced load method”

The rules for bolts and dowels are valid where tthiekness of the side
plate is equal or greater tharirt mm:

50
t, = max (4)
50+1,2¢ - 12)

where:d — diameter of bolt or dowel [mm].

According to the “reduced load method”, the loadrbey capacity of the
connection under fire exposure is obtained by reduthe room temperature
capacity by a conversion factgr

n=e*tr ®)

where:k — parameter depending on the connection type,
te,s — design fire resistance of the unprotected cdioret minutes.

N N ioKnodm, 1
YK

where:i — reduction factor for the design load in the §it@ation,
no — degree of utilisation at normal temperature,
kmod— Modification factor,
ym — partial factor for the connection,
ki — coefficient depending on the type of timber,
ymfi — partial safety factor for timber in fire,

1

td,fi - kl

(6)

For standard fire exposure, the characteristid-tsarying capacity of
a connection with fasteners in shear should beulzdbd as:

Fore i =17F re (7)

where: — conversion factor,
Fv.rk— Characteristic lateral load-carrying capacityhaf connection with
fasteners in shear at normal temperature.

“Reduced load method” was used to calculate thé lcapacity of the
analyzed connections. As a result of calculatithes design fire resistance of the
unprotected connections were about 18 minutesc®heersion facton was 0.48.

Specifications for calculations the joints resis& with axially loaded
screws under elevated temperatures are also peesehhe above take into
consideration the configuration of the connectitre edge distance and the
embedment depth of screws. Both of the above methtidw to estimate the
load-carrying capacity of the connection in minutes
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5. Conclusions

The finite element method was used to carry aheanal analysis in order
to determine the temperature profiles within woodvbod timber connections
with bolts exposed to fire.. The thermal finite et analysis of timber
members with steel bolt was carried out under IB®dxposure on four sides.
The charring depth is the same on each side oetimtzmbers. Due to the high
thermal conductivity of steel, the heat flux thrbupe steel dowel led to higher
temperatures in the interior of timber member. Tdgpgproach has to be taken
into consideration for the work in progress to pdeva design model for the
calculation of the fire resistance of shear corinastwith steel bolts.
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CRITICAL TEMPERATURE EVALUATION
FOR A STEEL FRAME WITH JOINT STIFFNESS
DECREASING IN FIRE

A procedure to determine the critical temperatura selected steel frame bearing
structure is presented and discussed. This tenuperat case of fully developed fire,
when the temperature of the exhaust gasses enwgltipé structural members is
equalized within the whole fire zone, may be coai®d as an impartial measure of
safety. The obtained result does not depend ohdhtng progress but only on the
static scheme and the load level in the considstedtture. The quantitative and
qualitative evaluation of the influence the joitiffsess decreasing in fire exerts on
the resultant critical temperature constitutesttasic objective of the authors. It has
been shown, that proceeding according to the re@vded computational procedure
does not necessarily result in an estimate fullgmuipiguous in interpretation.
The critical temperature specified in a global mddethe whole considered frame,
is usually associated with a specific componerguzh frame, interpreted as the so
called “weakest link”. Thus local loss of bearirgpacity in such element is in this
approach equivalent to the total destruction ofthele bearing structure. Indication,
which of the components present in the consideraahd should be treated as the
critical one, because of its behaviour under foaditions, seems to be a key to the
forecast safety level warranted to the users ofsthecture. The authors show, that
this association changes depending on the selegtedutational method, and this in
turn substantially limits the reliability of the @ined estimate.

Keywords: steel bearing frame, fire, critical temperaturéstiffness, moment —
rotation relationship, weakest link
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1. Introduction

In the classical computational approach the time&induwhich in fire
conditions, and counting from the moment of initiatto fire exposure, the
structure is capable of safely resisting the laggdied to it, including the internal
forces induced in the structure by the restrainapability to freely yield to
thermally induced deformations, is treated as theasure of fire resistance.
Unfortunately, a measure of this type can hardlyré&ted as an impartial measure
of safety. Its value determined for given framel wtange with changed fire
scenario, this means, that it may not be uniquedjgaed to considered structure
and be interpreted as one of its characteristibsisTthe authors of this paper
recommend for use in its place the critical temjpeeacalculated globally for the
whole bearing structure and associated with thisc&tre reaching the ultimate
limit state in fire. However, this temperature vk reached locally in fire, in the
weakest part of the structure, treated as the "egtdink". Unequivocal indication
of such "weakest link" in the analyzed frame, wikahjected to the forecast fire
action, constitutes the basic task of an expefopemng fire safety appraisal for
the users of the considered building. The quali#atind quantitative verification
of this influence, taking into account decreasiigtjrigidity in fire exerts on the
estimated critical temperature of the selected ftame, is the basic purpose of
this paper. The authors intend to show, that in gpecific case selection of
a single critical structural element, authoritatiee the specification of critical
temperature depends on the selected calculatiomodhetand this in turn
significantly undermines credibility of the obtatshestimate.

2. Description of the frame analyzed in this case

Let us consider in detail a two-storey two-aiskebsway frame having the
dimensions and static scheme as depicted in FigAllléne structural components
of this frame are made of the low carbon steel S2&h HEB 240 wide- flange
| sections used for columns and IPE 400 | sectiossd for beams. These
sections have been selected so, as to in the fgetstkesign situation, excluding
the influence of a fire, assure the safe bearingpplied loads. Both the ultimate
and serviceability limit states of the consideré&icture have been checked.
The distributions of dead and selected live loaagplied to the floors of
intermediate level) are depicted in Fig. 1b. Thexddeveight of structural
members has been accounted for automatically in ct@puter program.
The equivalent horizontal forces modeling the iefloe of global sway
imperfection having the magnitude prescribed byctide (without amplification)
are depicted in the same figure [1].
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Fig. 1. Frame considered here, including: a) dinmess static scheme and sections used,
b) distribution of dead and selected live loadsr{smation with live load applied to both
floors at the intermediate level — i.e. combinatifiy authoritative for consideration of
exceptional design scenario — see Table 1) anddrtel equivalent forces modeling
the influence of initial sway imperfection (the dervalues depicted
are preset for combination 20)

i

The static analysis and dimensioning of cross @estin the considered
frame have been performed using Robot Structuralysms computer code [2].
The following loads indicated by consecutive nursbleave been declared for
the purpose of this analysis:

1 — dead load of structural members,

2 — other dead loads (weight of roofing materitidsr slabs, curtain walls),

3 — live load applied to the flat roof (categorytbl left beam),

4 — live load applied to the flat roof (categorytbi right beam),

5 — live load applied to the floor (category Ct ietermediate floor beam),

6 — live load applied to the floor (category Chtigntermediate floor beam),

7 — snow load on the roof (determined directly mbBt Structural Analysis for
selected location),

8 to 15 — consecutive wind load schemes (determiiiredtly in Robot Structural
Analysis for selected location).

The structural steel used to make all structurammmnents of the
considered frame has been modeled in the considecedario as elastic
perfectly plastic material. It has been also assljnigat all the joints in the
frame have the same configuration depicted in detdtig. 2. As there are no
ribs stiffening the column web at the levels of ineflanges, these joints are
undoubtedly flexible. However, in the considerasigrertaining to the persistent
design scenario, these joints have been treateth wi certain level of
simplification, as nominally rigid.
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Fig. 2. Scheme of the beam to column joint usetiénframe considered here

Detailed analysis of the frame described abovefopeed for the
persistent design scenario resulted in the follgvaelection of sections based on
the "weakest links" scenario: beam denoted with/Nmd column denoted with
No 3in Fig. 1a.

3. Analyzed frame in the exceptional design scenarof a fully
developed fire

The essential part of analysis was related to tlcemional design scenario
of a fully developed fire. It was assumed, thatftreewas initiated and developed
in both aisles at the ground level of the considdrailding. This resulted in the
heating of only lower columns and lower beams m ltlearing structure due to
the fire action (Fig. 1). It was also assumed, toat columns and top beams
were perfectly insulated from the fire action anekrevnot heated. The fire itself
was modeled by the increasing temperature of stralctelements indicated
above, evenly distributed in their cross sectidii®e dependence of yield limit
and longitudinal modulus of elasticity in steel di$e make the considered frame
on temperature has been accounted for. The stafoardlae, f, o, =k, o T,

and E,, =k, o [E, were used, wheré, and E, represent the respective values
specified at the room temperature, whilg, and k,, represent the respective

reduction factors listed in the code EN 1993-1-Pff8 different temperature
values of steel. The uniform heating of columng Bnd 3 as well as beams 7
and 8 is treated as additional exceptional loadiogeme, and assigned the
number 16.
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Further considerations have been performed acaptdithe rules specified
for exceptional combination of actions [4]. Theldaling combinations proved
to be the most adverse (Table 1).

Table 1. Combination of actions, authoritative ferification of the ultimate limit state in fire
for frame beams and columns, respectively (an @xadrcalculations protocol generated
by Robot Structural Analysis [2])

Combination No.| The worst case combinations - top and bottom beams

20 19(K) (1+2+16)*1.00+(5+6)*0.70

24 56(K) (1+2+16)*1.00+5*0.60+7*0.20

25 57(K) (1+2+16)*1.00+6*0.60+7*0.20
Combination No. The worst case combinations - bottom columns

21 20(K) (1+2+16)*1.00+5*0.70

22 39(K) (1+2+16)*1.00+5*0.60+9*0.20

23 47(K) (1+2+16)*1.00+6*0.60+9*0.20

The behaviour of the frame considered here, whéjested to fire action
developing on the ground floor as described abforegomparative reasons has
been analysed in detail using two approaches toemgmints. In the first
approach it was assumed conventionally, that attgoremain nominally rigid
during the whole time of fire. In the second apploghe flexibility of joints,
increasing with fire development, has been accaurite (Fig. 3), and the
characteristics of this flexibility have been désed by a set of curves linking
bending moment with increasing angle of rotationtreg joint (the so called
M -¢ curves), developed based on the classical compomethod [5-7]

generalised to the case of fire. In the case ofendepicted in Fig. 2, and
considered in this example, these curves had #ygesthepicted in detail in Fig. 4.

@ o o o &
4] 5] a
e o ol g o

1] 2] 5]

a a AN

Fig. 3. Scheme of the frame considered in this gkanin the case of joint flexibility increasing
with the development of a fire
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Fig. 4. Bending moment — rotation angle relationsbighe joint considered in the example
(based on [6]), including: a) single curve deteriior room temperature, b) a set of curves
developed for fire conditions

4. Alternative methods of analysis

Verification of ultimate limit state for fire conibns has been performed
based on two alternative computational approacBledr the first approach the
first order analysis using buckling length conckps been applied. For the in
plane buckling the multiplien, and after that the critical load_, have been

cr,y
determined (for the first sway vibration eigenfomith respect to the column, for
the first symmetrical vibration eigenform with regpto the beam). For the out of
plane buckling case the critical loaN_, has been determined under the

assumption, that the out of plane buckling lendttar element is equal to its
theoretical length. In the next step the relatleedernessed, and A, have been

determined, and after that the buckling coeffigenf and y, . Independently the
lateral — torsional buckling coefficieny,; had been found. In the second

computational approach the second order analysibéen applied. This analysis
has been performed within the Robot Structural ¥sial computational
environment [2] taking into account the nonlinedrepomena specified both
globally for the whole frame (of the-A type), and locally for its components
(of the P-J type). After the internal forces had been foullng tritical forces
N., andN_, were determined, subject to the assumption, ikt in plane and

cry cr,z

out of plane buckling lengths of the structural poments were equal to the
theoretical lengths of these components. The réngasieps were identical to the
steps taken earlier in the first approach.
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After the detailed analysis it was found, that ¢ineund floor column No 3
(cf. Fig. 1a) and the beam No7 supporting the ragiliover this floor are
authoritative for the determination of critical geenature. These elements are bent
and compressed at the same time, thus the soughertatured,, is determined by

the more restrictive constraint of the two listediolv (the upper indeX® denotes
in these formulae the dependence of so indexedityuan steel temperaturé, ):

N ke ®

P =p(6,)= S (1)

Xr?]in,fi DADKSG G- W, Dks?ﬂ G-

M. fi W i

) ) )
p2 = Io(ecr) = N fi.Ed f + kLT DM v, fi.Ed f = 1 (2)
XSfi DADK)%EI 5 )(LOT,ﬁ W, Dk;),egyy
M, fi M, fi

In these relationshipsi§ ., represents the longitudinal force identified ia th

structural component for the design scenario réladethe developed fire, while
M? s represents the bending moment correlated withfoiné® and determined

with respect to the so called strong axis of tlessisection. In additiony, ; is

the smaller ofx); and x7;, which in turn represent the buckling coefficients

determined for the fire scenario and computed wespect to strong and weak
axes in the considered frame cross sectidh,and k2 quantify the nonlinear

phenomena, specific to flexural and lateral — toval buckling, while y,, .

represents the partial safety factor covering theettainties in modeling material
properties appropriate for fire scenario.

5. Detailed analysis of obtained results
5.1. Results obtained for the column No 3

The critical temperature estimates obtained byowusrimethods for the
column No 3 are depicted in Fig. 5, 6 and 7. Ong a@sily observe, that these
results are not completely unequivocal. If, fotamee, the first order analysis is
applied to determine the sought temperature, then analysis yields the
authoritative value of 486’8 determined by the effor, (Fig. 5a). Interestingly,

there is no difference in the graph depicted in B due to the changing real
joint stiffness, decreasing with increasing tempee of frame components.
Such difference, however relatively small, is \isibn the graph depicted in Fig. 5b,
where more precise model of the joint behaviourvedld for the demonstration
of an additional safety margin having the magnitudle approximately
30 degrees Centigrade. This safety margin is comditl by the efforo, .
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Fig. 5. Determination of the critical temperatunglie case of column No 3 according to the first
order theory, including: a) based on effgrt, b) based on efforp,

Qualitatively different result has been obtainedtfee same column when
the second order analysis has been applied. Thesttie effortp, proved to be

authoritative for the determination of critical teemature. Here, with joint
flexibility increasing with temperature the criticemperature of 554°€ has
been obtained, and when this phenomenon was didettjaa more cautious
value of 526.9C was delivered (Fig. 6b). Both those estimatessayeificantly
less restrictive, than the estimate obtained basetthe Fig. 5a after application
of simpler first order analysis.

Juxtaposition of the results obtained for the caludo 3 after application
of first and second order theories and taking itoount the joint flexibility
changing with the progressing fire is depictediin F. It is clearly visible there,
that equation (1) used to determine the effgriproved to be very sensitive to
the type of analysis performed, as the differemcelitained estimates exceeds
120°C (Fig. 7a). Such sensitivity is not observed oe traphs depicted
in Fig. 7b, related to the effog, .
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Fig. 6. Determination of the critical temperaturdtie case of column No 3 according to the second
order theory, including: a) based on effgrt, b) based on efforp,
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Fig. 7. Determination of the critical temperatunghie case of column No 3 according to the first
and second order theories, taking into accounjoihéflexibility changing with temperature,
including: a) based on effom, , b) based on efforp,

5.2. Results obtained for the beam No 7
Analogous results obtained for the beam No 7 gpeel in Fig. 8, 9 and 10.
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Fig. 8. Determination of critical temperature i ttase of beam No 7, according to the first order
theory, including: a) based on effayt , b) based on efforp,
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Fig. 9. Determination of critical temperature i ttase of beam No 7, according to the second
order theory, including: a) based on effart, b) based on efforp,
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Fig. 10. Determination of critical temperature lie tase of beam No 7, according to the first and
second order theory, taking into account the jsiiftness changing with temperature, including:
a) based on efforp, , b) based on efforp,

This time, the far more restrictive estimates ha@en obtained for material
effort p.. However, it seems surprising, that a lower vaitieritical temperature
is forecast in the case when the joint rigiditydecreasing with the developing
fire (157.8C related to 2009C when the first order theory is applied — Fig. 8a,
and respectively 1763 related to 224% when the second order theory is
applied — Fig. 8b). Nevertheless, the estimateaiodd with the second order
theory seem to be much less restrictive than tbbssned when the first order
theory is applied (Fig. 10), this is analogoushe tesults obtained for column
No 3. In addition, in the case of beam No 7 thesgisity of the estimated effort
o1 on the applied method of analysis is not very pumted (Fig. 10a), this is in
opposition to the phenomenon observed in the céseolomn No 3. This
difference seems to be attributable to the fact thathe case of column
compression plays the leading role in the inteoacbetween bending moment
and compressive axial force, while in the beam bepgdlays the dominant role.

6. Concluding remarks

Based on the performed analysis one may clearkysts, that under the
conditions of fully developed fire initiated at tigeound floor of the considered
frame, the beam denoted as the No. 7 in Fig. lddvoonstitute the weakest
link. The critical temperature assigned to thigredat, i.e. the temperature after
reaching which the whole frame would lose the cdiyalo safely support the
applied loads, however, does depend on the waycdhmilations have been
performed. It is not always true, that the appiaratof a formal model more
precisely describing the behavior of joints, i.akihg into account the joint
rigidity decreasing with increasing temperature ldoveveal an additional
reserve of bearing capacity. In the example constlbere the obtained critical
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temperature estimates proved to be even more atdgtrithan the analogous
estimates obtained earlier, with application ofimpéer computational model.
The estimated critical temperature also does demendavhether the first or
second order theory has been used for calculafidns.difference is especially
pronounced in the case when the axial force stanéay a dominant role in the
interaction of bending and compression.
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TEMPERATURE DISTRIBUTION IN A STEEL
BEAM-TO-COLUMN JOINT WHEN EXPOSED TO
FIRE. PART 2: FLANGE-PLATES AND WEB-
CLEATS JOINT

In the second part of this paper the temperatustritalition is analysed for
a thermally uninsulated steel beam-to-column flaplgées and web-cleats joint after
15 minutes of its exposure to a fully developed.fifwo types of such a joint are
considered separately, firstly the pure steel coiore with a beam and a column
evenly heated on all four sides and then the ana®®ne, but with a massive
reinforced concrete floor slab lying on the uppearn flange. In the latter case the
joint beam is heated only on three sides. In aaftiin each of the analysed joint the
beams of two sizes are analysed independentlyofmparative purposes. Those that
are made of the bigger I-section have a more stamele, while the smaller ones are
more stocky. However, the smaller I-section heagsef than the bigger one because
the section factor calculated for it has a greaaére. In general, it can be concluded
that in all the joints considered by the authoesdteel temperature turned out to be
much lower than that measured outside these joiiseover, a significant
difference is observed in the temperature valuestified in the beam web and in the
beam flanges. Finally, the temperature distributmbtained from a numerical
simulation and identified in the selected crossises of the joint beam in the case
of a joint with adjacent floor slab is referred the analogous distribution
recommended for use in such circumstances in géinelatd EN 1993-1-2.
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1. Introduction

In the first part of this paper the temperaturéritiigtion in a steel end-plate
beam-to-column joint was analysed in detail, ideedi by a numerical analysis
after 15 minutes of its simulated exposure to by tuveloped fire. Two types of
such a joint were considered separately, the filsich was pure steel with
heating the beam on all four sides and the seconadwith a massive reinforced
concrete floor slab lying directly on the upper ineifange, in which this beam
was heated only on three sides. It has been pomtethat in fire conditions the
temperature observed in individual joint componésialways much lower than
that recorded outside the joint. This diversityutess mainly from the large
accumulation of the steel sheets added in this toakeincrease the effective
thickness of the steel which has to be heated.

In this part of the paper, a different steel bearadlumn joint type is
chosen for consideration, the one with flange glated web cleats. Similarly as
before, both a purely steel connection and a cdimmewith an adjacent floor
slab are analysed. Additionally, in each of thesidered joint type it is assumed
that the beams are made of the sections of twe,dirst from the IPE 330 steel
section which is relatively stocky and then frone tiPE 500 steel section,
significantly more slender. The primary goal of thethors is now both
a qualitative and a quantitative verification oé ttorrectness of the temperature
distribution recommended for use for such a jairthie standard EN 1993-1-2 [1].

2. The case of a pure steel joint

Let us start the detailed analysis of the tempegatistribution observed in
the joint under consideration after 15 minutes t3f éxposure to a fully
developed fire from simulating the response of inenerical model of such
a pure steel joint to a direct fire influence. Thi®del is prepared using the
ANSYS environment [2] and it is presented in deiaiFig. 1. As one can see
the joint beam made of the IPE steel section (fifgshe IPE 330 and then of the
IPE 500) is modelled as connected to the columnenaddhe HEB wide-flange
steel section (precisely of the HEB 180 when thanbés made of the IPE 330
and of the HEB 220 in the case when the beam iroadhe IPE 500). This
connection is realized by the web cleats compos$etv@ steel angles of size
L80x80x8 in the first case and L80x80x10 in theopeccase, set oppositely one
to the other, with three rows of bolts M16. Suchhveteats are attached to the
column flange also by three bolts of the same iz@ach angle. The stiffness
of the joint is ensured mainly by the flange pladéshickness 12mm in the first
case when the section IPE 330 is considered artlickness 16 mm in the
second case when the section IPE 500 is assuntée @nalysis, covering the
beam from the bottom and from the top and attathdidnges of such the beam
by four rows of bolts of size M20 with two bolts @ach row. Moreover, two
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double-sided horizontal ribs of thickness 10 mm ttie first case) or 16 mm
(in the second case) are used in the levels defiyethe upper and by the
bottom beam flanges to stiffen the web of the colufhere is neither a diagonal
rib nor a wedge added at the bottom of the joirttvben the beam and the
column flange.

Fig. 1. Scheme of a numerical model of the purel $pint considered in the example

The joint model presented above was evenly heated sides for 15 minutes
by a simulated fire developing in accordance witltaaventional standard
scenario [3]. In Fig. 2a the temperature distritmutis shown in detail identified
in such a joint after this time of a fire exposimethe case when the IPE 330
steel section was assumed as a frame beam whikégin2b the analogous
temperature distribution but this time that relatedhe joint with the IPE 500
steel section used for this beam. As one can $emyatime of a fire the steel
temperature observed at the joint itself is alwsigmificantly lower than that
measured outside the joint. Let us note that infitts¢ of the cases presented
above the difference between the hottest and thet leot points of the joint
turned out to be almost 200 degrees Celsius, hawé@vehe second case it
exceeded 250 degrees Celsius.
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W/iSYS

APR 18 2018
08:52:56

NODAL SOLUTION

STEP=10
SUB =5
TIME=300
TEMP (AVEG)
REYS=0

SMN =526.019
SMX =722.4

569.659 613.3 696.94 700.58
En 547.839 591.479 €35.12 675.76 722.4

APR 18 2018
09:03:52

NODAL SOLUTION

STEP=10
SUB =4
TIME=900
TEMP (AVG)
RSYS=0

SMN =462.768
SMX =714.323

162.768 18. 574.57 30.47 686.372
b) 490.719 546.62 602.521 658.422 714.323

Fig. 2. Temperature distributions obtained forékenly heated pure steel joint considered in the
example after 15 minutes of its exposure to a fadyeloped standard fire, including:
a) the case when the beam was made of a IPE 3@Gstgion, b) the case when the
beam was made of the IPE 500 steel section
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Details of the temperature values identified havfimgshed the heating
process in the two selected cross-sections ofdhsidered beam, i.e. in the first
section denoted by the symbol A-A which is situatethe joint itself, in place
where the effective thickness of the heated steebtsis simply the sum of the
thickness of the beam web and of the thicknessvofflanges belonging to the
angles composed the web cleat, and in the secatidrselenoted by the symbol
B-B and localised outside the joint, are gathereBlig. 3.

< m Temperature Temperature
n - Profile IPE330 Profile IPE330
| | A-A B-B
E——— : 540 706
| 2 N
| g © N 565 722
| (o]
] 581 708
— = Temperature Temperature
aa) Profile IPE500 Profile IPE500
A-A B-B
483
567 OiFs
2 [N
8 or 554 714
Te}
o~ 578
526 673

Fig. 3. Details of the steel temperature valueselbas of the steel temperature distributions
identified after 15 minutes of a direct fire expasin the selected cross-sections
of a beam being a part of the considered pure fstieg|

Lack of symmetry in both temperature distributigmesented in Fig. 3 and
related to the section A-A results from the use tiorizontal steel spacer in the
upper part of the joint that on the one hand fet#és the joint assembly but on
the other hand increases the effective thicknesheoheated beam flange. It is
essential that the smaller I-section heats up nfaster than the bigger one
despite the fact that the latter section has mieredsr web. It is a result of the
fact that the value of the so-called fire exposgefficient, which is commonly
named the section factor, for a smaller I-beami@edq{U/A) = 201 m™?) is
significantly higher than in the case of the biggeeam (U/4) = 151 m™1).

It is also worth noting that the temperature disttion in the web of beams
which are respectively high is usually nonlineaile/khe analogous distribution
observed in the beams which are not so high remaitke same conditions
almost exactly linear. Let us also note that in B8 cross-section situated
outside the joint the most hot area turned outetdhie web of the beam in the
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place furthest from the flanges. In the section AhA same zone was, however,
much less heated due to the angles forming theclegtts and adjoining to the

beam web. Therefore, the most hot in this sectiimed out to be some

insulated web zones, those to which no additiolemhents are added.

3. The joint with a reinforced concrete floor slablying directly
on the upper beam flange

The second part of the analysis is devoted togrtion of the shape of the
steel temperature distribution identified afterrhiutes of even heating under
fully developed fire conditions in the steel beaeblumn joint with the floor
slab lying directly on the upper beam flange. Thiekiness of such a floor slab
was assumed in the considered example to be eguf tm. The numerical
model of the joint of this type with a geometry afichensions fully analogous
to the previous one described in the first parthi§ paper, which is prepared
also in the ANSYS environment, is presented initetahe Fig. 4. The upper
horizontal rib stiffening the column web is invikkn this figure because it is
fully covered with concrete.

Fig. 4. Scheme of a numerically modelled steel b&mgolumn joint with a reinforced concrete
floor slab lying directly on the upper flange oétheam
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As one can see, the beam is now heated underdiirditions only on three
sides. The map of the temperature distribution tifled in this joint after
15 minutes of its exposure to a fully developed fg shown in detail in Fig. 5
for the case when the beam was made of the IPEt880section.

NODAL SOLUTION '
STEP=10 APR 17 2018
SUB =5 19:59:12
TIME=900
TEMP (AVG)
RSYS=0
SMN =17.5766
SMX =702.562

17.5766 169.796 322.015 474.234 626.453

93.6861 245.905 398.124 50.343 702.562

Fig. 5. Map of a steel temperature distributioragted for a model of the joint considered in the
example after 15 minutes of its simulated fire estpe (the case with the beam made
of the IPE 330 steel section)

It is not a surprise now that the upper beam flahgeed out to be
definitely less hot than the neighbouring joint gaments. The heat reaching
this flange is largely dissipated to a massiverflelab with a significant thermal
capacity, which thus confirms good insulating prtipe of the concrete. This
effect is well visible in the Fig. 6 in which theslscted steel temperature
distributions obtained for the joint consideredtlie example are presented in
detail. Two cross-sections denoted in this figuyethe symbols A-A and B-B,
respectively, were chosen to conduct the suitatieparisons. As it was in the
first part of the presented paper the first crassisn is now situated in the joint
itself whereas the second one - outside the jowb pairs of the diagrams are
stacked one above the other for comparative puspddee first pair refers to
a joint with a beam made of the IPE 330 steel spatthile the second one the
analogous joint but that with a beam made of the B0 steel section. In the
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bigger of these two beams in the section A-A thalinearity of the steel
temperature distribution over the entire heighttloé beam web is already
noticed which cannot be seen in the smaller beanthis smaller beam, only
a nonlinear effect of cooling of an upper partlef beam cross-section caused
by the proximity of the reinforced concrete slabigble.

< m Temperature Temperature
—_I—— — Profile IPE330  Profile IPE 330
A-A B-B
APV A I “

P | 251 T\ 507
g 13| 521 701

11 | @ | ©

+ I 4 4 | "
== i 262 o2
I | F— | F < m Temperature Temperature
Profile IPE500  Profile IPE500

N x 223 448
503 700
A 563 667

515

500
230

Fig. 6. Steel temperature distributions obtainethéselected beam cross-sections for the joint

considered in the example after 15 minutes of aulsitad fire exposure. The steel temperature

distribution identified at the same time of the ti@process in the cross-section related to the
neighbouring column is presented on the left sidhis figure

The conclusions resulting from Fig. 6 basically noidle with those
formulated earlier after the presentation of FigTBe smaller beam heats up
faster than the bigger one and the difference lmtwbe temperature values
identified in the same cross-sectional areas artieasame time points of the
heating process in the sections A-A and B-B, retdpelg, reaches 250 degrees
Celsius. In the case of the smaller of the two [seatmich are considered in this
example, the most heated zone in the section ArAstout to be the bottom
flange, which is not true when the cross-sectionthef beam is higher and
therefore more slender.

In addition, in Fig. 6 the temperature distributiaating to the selected
cross-section of the neighbouring steel column wih&made of the HEB 180
wide-flange section is presented for comparative@ses. It is obvious that the
web of such the column turned out to be more hah tthe adjoining column
flanges because they are significantly thicker.
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Fig. 7. Development of a steel temperature risemiesl in individual beam components being a part
of the joint with concrete floor slab consideredtie example, during the exposure of such
a joint to a standard fully developed fire, inchugti a) relationships identified in the
section A-A, b) relationships identified in the sen B-B. The localisation of such both
sections is marked in Fig. 6. It is assumed thabtam was made
of the IPE 330 steel section
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The diagrams presented in Figs. 7a and 7b seemerl informative. It is
shown in them how, in the case of a thermally utgmted steel beam-to-column
joint considered in the example with the reinforcedcrete floor slab lying on
the upper beam flange and with the beam made ofRRBe330 steel section,
together with the fire development increased thHemince between the
temperature values relevant for the beam web andh® upper and bottom
beam flanges, appropriately identified in the sectA-A (Fig. 7a) and in the
section B-B (Fig. 7b).

4. Verification of the correctness of the joint terperature
distribution recommended for use in the standard ENL993-1-2

In conventional fire safety assessment relatetidcsteel frame load-bearing
structures usually a simplifying but very consem@assumption is accepted for
calculation that the steel temperature in all congmbs of the considered joint at
any given time of a fire can be treated as fulligredd and equal to the
maximum temperature of such the steel measureddeutss joint at the same
time of this fire. For more precise estimation, leeer, in Annex D3 of the
standard EN 1993-1-2 [1], in the case when thd &ie@m-to-column joint is
covered by an adjacent reinforced concrete floa,st is recommended to use
in this field the equivalent steel temperatureritations, differentiated depending
on whether the height of the joint beam is greatersmaller than 400 mm.
Considering that in the case of the first of beamalysed in this article, the one
made of the IPE 330 steel section for whickk 400 mm, the steel temperature
measured in the bottom beam flange in the secti®) Be. outside the joint,
after 15 minutes of the standard fire exposure, idastified as being equal to
692 degrees Celsius (see Fig. 6) the equivalentpdaeature distribution
corresponding to this situation and recommendethénstandard [1] has the
form shown in detail in the middle of the Fig. 8m8arly, in the case of the
second beam, the one made of the IPE 500 ste@rséat whichh > 400 mm,
the steel temperature measured after the samédudiegion in the bottom beam
flange was equal to 667 degrees Celsius (see Figvtich gave an equivalent
standard steel temperature distribution shown enritpht side of the Fig. 8.
Let us note that neither the temperature 692 dedtetsius nor the temperature
667 degrees Celsius, both measured in section B4Bd bottom beam flange,
were not the maximum temperature values identifigtiis section. Much hotter
than the bottom beam flange in both cases turnetbdae the web of the beam.

Comparison of the steel temperature distributidghese taken from the
Fig. 8 with the corresponding distributions spexifiearlier for the A-A section
of the considered steel beam-to-column joints cadday a reinforced concrete
floor slab and obtained for the same beams andhersame fire exposure
conditions but after the use of the more precismarical analysis (they are
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presented in Fig. 6), allows to conclude that #x@mmendations proposed by
the standard [1] are calibrated safely but theystilevery conservative.

<( om Temperature Temperature
N T M Profile Profile
| | IPE330 IPE500
| IV, |
= | 429 466
H 4 . MENSS . S (E -
+ : (@) = 519 586
— |
| 608 586

Fig. 8. Equivalent steel temperature distributimmommended in the standard EN 1993-1-2 [1]
for beam-to-column joints with adjacent reinforeashcrete floor slab considered in the example

5. Concluding remarks

The primary goal of the authors was to show in lp#ths of the presented
paper that in a fire situation the steel tempegatlistribution in a steel beam —
to-column joint is not homogeneous, regardless béter it is a pure steel
joint or one that is adjacent to a reinforced ceteifloor slab. The fact of the
heterogeneity of this type has a significant impawctthe real course of the
redistribution of internal forces in a fire, andushon the guaranteed safety
level [4, 5]. The uneven steel temperature distidouin the joint components
determines both the effective load capacity of sacjpint and its stiffness
identified for the predicted scenario of a fire dimpment. The situation is
complicated by the fact that both of these pararsetthange with the
development of a fire and they are therefore diffico quantify.
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Przemystaw KRYSTOSIK?

DESIGN RESISTANCE OF WELDED KNEES
IN STEEL FRAMES

The paper presents issues related to calculatibmelded knee joints, in which
the interconnected load-bearing elements, beamgalndns, can be made from
plate girders with slender webs.

At the beginning, a typical knee joint of portaaitframe was characterized, along
with presentation of calculations for the interfices in characteristic zones of
the knee, i.e. in tension, shear, and compressimme.zThen, the checking
procedures of resistance were presented in detaidch designated knee zone,
paying particular attention to the influence of gdex stresses state and loss of
stability in the shear and the compression paknet joint.

The work also presents a comprehensive calculaxample, which illustrates the
described method usage in practical design of wigkaees of steel frames.

Keywords: steel frame, knee joint, transverse stiffenerggdnal stiffeners,
resistance

1. Introduction

Knee of steel frame, also called a knee joint (peaves joint), is a connection
place of the load-bearing elements of the frange,the beam (rafter) and the
column. Due to the kind of connected elements ued joint can be classified
as so-called, beam-to-column joints.

Designing this type of joints is quite difficult,aimly due to the complex
geometry, which in turn causes a complex systefioraes (stresses) acting in
the knee. This mainly applies to design of bolted-plate joints, where the need
to transfer large internal forces and getting appabte stiffness make
calculations for this type of joints rather difflc{l—3].

Application of the solution in the form of weldedde joint often allows
with less effort to design the joint with appropeidarge resistance and stiffness,
which often is also easier to manufacture. In tteges the bolted connection
assembly can be located near the knee, e.g. irb¢dlaen, where there are
generally smaller internal forces.

1 Corresponding author: Przemystaw Krystosik, Kaszahiversity of Technology, Faculty of Civil
Engineering, Environmental and Geodetic Sciendsadeckich 2 street, 75-453 Koszalin;
tel. +48 94 34 78 577; krystosik@whiis.tu.koszplirhttps://orcid.org/0000-0003-2871-8746
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Nowadays, the most commonly used method in dedigteel frames joints
is, a component method, recommended by Eurocoddt[#] characterized by
fairly high versatility, because the basic assuarsiof that method allowed to
generalize and adapt the computational algorithmshat it could be used to
design welded and bolted internal joints, as welt@umn bases.

Despite this, application range of this method|uded in the standard [4],
has its own limitations. They result, among othé&an the conditions of joint
plates slenderness, limiting the use of Eurocogiéo[4ases, where, e.g. sheared
panel of column web is insensitive to instability.

This inconvenience makes it difficult to use thenskard [4] when designing
steel frames knees, in which the bearing elemdmtanis and columns) are
designed from plate girders cross-sections, cheniaetl by significant
slenderness of the webs. Due to the fact that fsami¢h plated structural
elements are often used in steel construction,ptieeedures included in the
standard [4] should be generalized in such a waywould allow to design the
knee joints in that type of frames. This conditiangording to the author, is met
with the computational method of rectangular knekesteel frames discussed
in this paper, which is partially based of informatpresented in [5], and also
takes into account EC3 [4] provisions.

2. Analysis of forces acting in frame knee

Due to the complex geometry of a typical knee, Way of combining
individual elements (type of welds used, technolaggd in performance of
welded connections), as well as issues of platssliilities cause that accurate
static and strength analysis of the considered jeiquires appropriate software
usage (e.g. based on the finite elements methatltren use of very complex
numerical models [6].

In practical design, generally, there is no needdoduct very detailed
calculations of frames knees [7]. Considering theildrium conditions of the
loaded model of knee joint (Fig. 1a), stress distion and forces system acting
on the individual components of the joint can be¢aoted at rough estimate
(Fig. 1b and 1c). Thus, the values of the forcém@aeespectively in the tension
zones Fy andF¢) and the compression zonds,(andFc) of the joint can be
approximately calculated from the equations:

M
Foo = —2-—2, Fy

b 2

N, M, . N, M
=—2+-_02 F = c—_¢ F_= C4_C 1
b 2 R ) “ ¢ 2 @

whereas, the shear forces values, correspondirthetdangential stresses in
panel of the joint web can be determined with the of expressions (Fig. 1d):

V,

S|

b:Fcc_Vb:F

ct?

V,

sC

= Fbc _Vc = Fbt (2)
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Fig. 1. Knee of frame analyzed: a) loading schefrtbeknee, b) approx. stresses distribution
in the knee, c) simplified system of the forceshie knee, d) scheme of the shear forces
in the web panel

In case when the cross-sections of the columntlamdbeam, as well as the
welded connections have the required resistandes, calculation of the
considered joint can be reduced to checking thiestegge conditions in the
tension, compression and shear zones.

3. Dimensioning of frame knee

Knowing the system and the type of forces actinthenseparated zones of
the joint, it is relatively easy to formulate thppaopriate resistance conditions
for each of mentioned zones. It gives the posgihit design the joint without
having to run, often more complex calculations edistance of the entire joint,
e.g. due to bending.

3.1.Resistance of tension zone

Checking the resistance condition of the tensionezoan be performed
according to the expression:

P g 3)

Ft Rd

where Firqis a resistance of tension zone of the welded joiitich can be
obtained in accordance with point 6.2.6.3 of statsi§4].

In case of knee joints of portal frames the topdka of beam is generally
elongated in such a way that it could be directipreected with the exterior
flange of column, thus covering the top edge oticoi (see Fig. 1a). In that
case demonstration of the condition (3) can be gmtesl in the form of
resistance condition of the top flange cross-sactibthe beam, in which the
tension resistance of the flange determines thatemu
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bfbtfb f
F —_b'm 'y (4)
tRe Ymo

where:by, andtm are respectively the beam flange width and this&rfeis the
yield strength of steel, anglo is the partial factor.

3.2.Resistance of shear zone

Checking of the shear zone resistance can be dawieon the basis of the
condition in the form:

le (5)

Vwc Rd

in which Vi rdS the resistance of the shear zone in the forthefveb panel.

The procedure of the resistance calculations shbagin with sensitivity
assessment of the column web panel due to the stmability. In case, when
the web panel considered is freely supported orfoailt edges (Fig. 2a), the
sensitivity condition to instability of the web parcan be presented in the form [9]:

A :tis—g k (6)

where:y = 1.2 iff, < 460 MPa, whereak is a coefficient taking into account
boundary conditions and stresses distribution énathialyzed plate.
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Fig. 2. Analyzed web panel of knee: a) single negtdar panel, b) system of two triangular panels

In the considered case the coefficientan be determined with the use of
expressions [9]:
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534

k. (a) =4+ e if a<1

4 (1)
k.(a) =534+—;, if a>1
a

wherea = b/ ¢ (see Fig. 2a).

Application of additional stiffening of the sheaore in the form of
diagonal stiffeners leads to the change of supppdonditions in the web panel,
converting one rectangular panel into two triangganels (Fig. 2b). In such
cases, the coefficiekt can be determined according to the relationshigngn
the works [10], [11]:

k. (&) = 534{1+ £2)+ 193¢, for compressestiffeners

: : 8
k(&)= 534(1+ 52)+ 087¢, for tensionedstiffeners

which, as in case of the rectangular plate, wermditated on the assumption
that the exterior edges of both panels are fragtysrted (Fig. 2). The graphical
interpretation of coefficients value change in the angle functior® of the
stiffening ribs inclination, (see Fig. 2b) is shoimrFigure 3.
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Fig. 3. Relationship of the coefficiektfrom angled

It can be noticed that the presented graphs ofki{d® function clearly
indicate that supporting of the web panel with dizag stiffeners reduces its
sensitivity to loss of stability, especially wheordes in the knee induce
compression of the stiffeners.
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Resistance determination of the web panel in aalsen the condition (6) is
met, can be determined according to the formulg [12

2
A fy o

Vierd = =4 |17| +— 9)
" \/§VMO fy

whereAuw: = hue tue IS @ shear area, whiteis stresses value from axial force in
the column. In case, wheke does not exceed 50% of yield strendiththe
resistance of sheared plate can be determineddicgdo the equation [4]:

ANC fy.wc
V3 Vo

If, however, the slenderness condition of stiffemexb (6) is not met, then
its resistance can be determined with the form@ja [

A |
Vierd = Xyt
wcRd Xw\/é VMO

in which yw is a shear buckling factor. Assuming, in accordamdth the
provisions of the standard [9], that the appliedovetiffeners belong to, so-
called, flexible stiffeners (non-rigid end post)at the parameter valyg can be
determined based on the equation:

Viera = 09 (20)

(11)

X = min(O.Q; %’st (12)

w

where Aw is a shear panel slenderness:

— f
Aw = y (13)

\/5 Ter

Value of elastic shear buckling stresgsg€an be calculated on the basis of
formula:

_  JTEk

r 14
“ 1201202 (1)

in which parameter& i v are respectively the modulus of elasticity and the
Poisson’s ratio.

In case of the stiffened knee with diagonal stiffies, special attention
should be paid to the fact, that the componenteeghear zone — web panel and
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the stiffeners can achieve resistance under theeimde of significantly differing
forces. In order to determine the appropriate Idedribution for each of the
listed components, a system of equations can beulated in the form:

Vsc = Vwc +Vsd

15
5: 5wc = sd ( )
The first equation results from the equilibrium ditions of the forces in
the shear zone, while the second one describesotiditions of displacements
compatibility in this zone (Figure 4).

Fig. 4. Distribution of forces and deformationvé)ole shear area, b) web panel, ¢) stiffening ribs
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Fig. 5. Stiffeners of the knee joint: a) strengihgrin the form of transverse and diagonal stiffene
b) stiffened cross-section of the shear zonejf@@rstd cross-section of the compressed zone

Displacements caused byw. and Vsq forces acting on the relevant
components are determined in the following equation

5 = Vueh Vb

T AG T EA,sini(6) cos@) (16)

where: Asq is the cross-section of the substitute compressiement of the
stiffened shear zone (Figure 5b). After some t@mshtions, formulas on the
values of the forces acting in each componentestiear zone can be determined:
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Vwc = (L}vsc’ Vds = (i}vsc' (17)
Ayt Auc Ayt Anc

Ag = A SIT(6) cOS6) (18)

where:

Knowing these forces, the condition of the shearezeesistance can be
formulated in the form of two inequalities:

f f
Aty SVie: Vgrg = Ao Y.sin(6) < Vg4 (19)

V\erg = 09
R \/§VM0 o

in case, when both components of the stiffened avelnot sensitive to stability
loss

Evaluation of the resistance of the stiffened sheane, treated as
a substitute diagonal member with a crossed crestses (Fig 5b),which is
sensitive to the loss of stability can be carriad o accordance with the
algorithm used while checking resistance of congoeselements [8]. For this
purpose, the resistance condition of compressiombee, subject to the out-of-
plane web buckling, should be determined usingdhaula:

Asd 1:y

M1

Veira =X sin(f) < Vg (20)

whereyw: is the partial factor, angdis a reduction factor, calculated according to
expression [8]:

1

XN —— (21)
P+ -2
in which:
¢;=%[1+ a,(1 - 02)+ 17] (22)

The imperfection parameteas can be assumed as value which equals 0.49,
whereas a non-dimensional slenderness is calcudataatding to the formula:

7= A A 23)
Ncr /]1
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Slenderness of the substitutive compressed eleielnie to the out-of-plane
web buckling and a relative slendernegsare obtained with the use of
equations:

A= il (24)

A=m \/fE =939¢ (25)
y

where:l is a length of substitutive member,is a buckling length coefficient,
which can be assumed with a value of 0.75, if lttls of stiffeners are fixed
(e.g. in flanges of column) [9], and a radius ofagypni should be determined
for the cross-section of the compression membaeg. (B1b) with respect to the
vertical symmetry axis.

In the compressive resistance calculations ofstifeened components of
the joint one should also take into account themsgivity to loss of stability due
to the torsional buckling. The resistance to thjsetof instability can be tested
using the condition [9]:

f
1 >532 (26)
Iy E
wherel; is the St. Venant torsional constant of the si#fealone, whild,, is the
polar second moment of area of single stiffenenalaround the edge fixed to

the plate. The fulfillment of this condition meattat the checked stiffener is
resistant to the torsional form of stability loss.

3.3.Resistance of compression zone

Checking the resistance of compression zone obé&aen-to-column joints
can be carried out according to the resistanceittondn the form:

Foe o9 27)

cRd

in which Fc¢rq is the resistance of unstiffened compressed zoh&h can be
determined according with the standard [4] guidsdin
In case of occurrence of the diagonal stiffenerhée knee (see Fig. 5a) the
resistance condition can be presented with theusequality:
Foe =Veg <1 (28)
FcRd
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However, when designing knee joints, in which thate girders are
connected together, the web panel of column is géign susceptible to stability
loss, which does not guarantee the entire joint #uequate resistance.
Strengthening the compressed zone with transvéiféeners (flat ribs) greatly
improves the resistance of the web to local bugkffig. 5a and 5c).

In case, when the value of a non-dimensional slemds of the
compression zone, treated as a substitute memiterangrossed cross-section
(Fig. 5c¢) is not larger than 0.2, and the stiffenierthe form of flat ribs are not
sensitive to loss of the local stability, that stmnce of that zone can be obtained
from the equation:

Ky bty N 2b .. f,

we “eff.ctwe 'y
cweRd

Ymo Yo

F (29)

in which @ andkac are, calculated according to point 6.2.6.2. [4lefficients
taking into account the reduction of resistance tudhe complex state of
stresses in the web panel, whereas I3 an effective width, equal 89 ¢ + tsc
(Fig. 5c).

Evaluation of the resistance of the stiffened caspion zone, which is
susceptible to the loss of stabilityl (- 0.2 ) can be carried out in accordance
with the algorithm used while checking resistanteanpression elements [8].
For this purpose, the resistance of compressiom,zsensitive to the out-of-
plane web buckling, should be determined usingdhaula:

[wkwc beff.ctwc fy + 2bs(tscny (30)
Ym1 Ym1

I:cRd

Calculation of the coefficieny in the formula (30) should be carried out
analogously to resistance checking of the stiffesteehr zone case, here taking
into account the geometrical and material quastitiethe transverse stiffeners
of the web panel. Assessment of the sensitivityoss of stability due to the
torsional buckling of transverse stiffeners alsousth be checked.

4. Numerical example

On the basis of information presented in this patiex knee of a certain
steel frame, shown in Figure 6a), was calculated.

Using the results of static calculations in thenfaof forces acting on the
frame knee (Fig. 6b), geometry of the cross-sestairthe beam and the column
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Fig. 6. Analyzed steel frame: a) static scheméefftame, b) distribution of bending moments in
the frame, c) system of forces acting on the fraumee d) analyzed knee joint of the steel frame
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which roughly correspond to the proportions ofIK&lgrs, was assumed. Next,
taking into account the geometry of the knee (@), and the local equilibrium

conditions (Fig. 6¢), the momert4, andM. acting on the calculated joint were
determined.

Data: Steel S355E = 210 GPaG = 81 GPajf, = 355 MPa, = 0.814,

n = 1.2; forces acting on the knee from the bearma ¢kdg. 6d; D — D cross-
section):M, = 1473.22 kNmi\, = 254.83 kN, = 330 kN, forces acting on the
knee from the column side (Fig. 6+ C cross-section)M; = 1473.78 kNm,
Nc = 330 KN,V = 254.83 kN.

Geometric properties of the columnarea of the cross-section
Ac = 15x13 mn¥, second moment of the cross-section 2.65x18 mnt.

Geometric properties of the tension zomeidth of the beam flange
br= 250 mm, thickness of the beam flaige 16 mm.

Geometric properties of the shear zat®ar aredsg= 100 mm{fsg= 10 mm,
Auc = 7x16 mn?, effective width of the web panklis= 180.86 mm, area of the
cross-sectiomsg = 3.27x168 mn?, lsq = 5.73x16 mnt, radius of the cross-
section gyrationse= 41.90 mm.

Geometric properties of the compression zdier 120 mmytsc = 12 mm,
effective width of the web panék+. = 182.86 mm, area of the cross-section
Asc = 4.16x16 mn?, second moment of the cross-sedipn 11.62x108 mnt,
radius of the cross-section gyratige= 52.86 mm.

Resistance calculations of the knee were perforrnedidering two cases:
= case | - the knee is not stiffened with diagoniffiesters in the shear zone,
= case Il - the knee is stiffened with diagonal etifrs in the shear zone.

Determination of internal forces in the knee joint(acc. to 2)

F = M, N, _ 147322kNm 254 83kN — 992.05kN
b 2 1316m

F - M, . Ny _ 147322kNm + 254 83kN — 1246 .88kN
b 2 1316m 2

V. =F, =F, -V, = 124688kN - 25483kN = 992.05kN

Calculation of the tension zone (acc. to 3.1)
» Resistance of tension zone

byt f
F 2 butef, _ 2500655_ 0

Vwo 10
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= Resistance condition of the tension zone

o <1- 99205kN = 0.70- condition fulfilled

For 1420kN

Calculation of the shear zone — case | (acc. to 3.2
= Sensitivity assessment of the column web panetatige shear instability

a:E:lS_lB: 130 — kr(a)=534+i2=534+ 42
c 101¢ a 1.3C

=772

A, = e 3—15\/k_, - 10700 < % 0814772 - 142863> 5842
n .

wcC
Elastic shear buckling stresses

_ PEk, _ mA210x10° 0772

T afve)a? 120 0F)1azee o MPR

Shear panel slenderness

- f 355
A= == | =169
"\VV3r, 3184

Shear buckling factor

Xo =Mmin| 09; (183 - X, =Mmin 0.9;%)J =049
A 169

w

= Resistance of the shear zone

f
Verd = )(WM = 0.49[-!7)(1037[855 =70498 kN
\/§ Y1 \/§ Y1

= Resistance condition

V,, 992.05kN

s «q ., ZEEPYR T —141>1 - condition not met
Verd 704 98kN
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Calculation of the shear zone — case Il (acc. t02}.
» Determine the load distribution for each of thesstmmponents

6 =3770°
A = Ay gsinz(e) cos(@)

210x10°
= 32710 = ——
’A\Eq X 106

3
Vy =| —Pwe = 101997 05kN = 730.76KN
Ay * Aue 250010° + 7010

sin? (37.70) cos(37.70) = 250x10*mm?

3
V= ey - 25000° 1997 o5kN = 261.30kN
A+ A 250010° + 7010

= Sensitivity assessment of the column web panetaltige shear instability

6= 3770° - &=cot(®) =130

k(&) = 534{L+ £2)+ 193¢ = 534(L+ 130?) + 193130= 3948

A, = e o 3’—15\/k_f - 10700 < % 0814+/3948 _ 14286= 13207
n .

wC

Elastic shear buckling stresses

_ PEk, _ 7?[210x10° (3948

T0-v)a7 12h- 0F)1azse O MPR

cr

Shear panel slenderness

= f 355
A= == | = 075
"VV3r, V336719

Shear buckling factor

. 083 . 083
=min| 09; =— | - X, =min 09, —— |= 090
A [ p) j 4 [ 0.75)

w
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» Resistance of the shear zone —web panel

f
Vchd :Xw ANC L = Ogow: 1291 .24kN
V3 V0 J3m.0
= Resistance condition

Vee 1 _73076kN
Vv 1291 24kN

= 057 < 1- condition fulfilled

wc.Rd

= Sensitivity assessment of the stiffened web dubdduckling instability
Slenderness of the substitutive compressed element

4 =Ou _ 16631075 _ o
<, 4190 '

Relative slenderness
A, =939¢ = 7641

Non-dimensional slenderness

Reduction factor

o, = %(1+ aliy -02)+1.7)= %(1+ 049(039- 02) + 039°)= 062

Xeg = ! = 1 = 090

Ayt -t 062+ 0622 - 039

= Resistance of the stiffened web

f 3
Vo = tog 2 ging) = 0.90327+(Wsin(37.70) - 63973kN
y, .

M1

= Resistance condition

Ve _;  26130kN

<1 =——— = 041<1- condition fulfilled
e 639.73kN
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= Sensitivity assessment of the web stiffeners dukeddorsional instability

_b, 3, _100010°

I, 3 = 3333x10°mm*
3 3 3
| = b’ O, by O’ _100°00  10000° _ oo 06
P 3 12 3 12
f
liyggly | 33830 o0 355 45105 0009
I, E 334x10° 210x10°

Calculation of the compression zone - case | (ado.3.3)
» Coefficients taking into account the complex stdtstresses in the web

w= 1 _= 1 _ =098
11 Bt ¢ tue 1+L%?8282U)
A, 7010
g, =Ne 4 Mc , _ 330x 10", 1474x10° o 50028vPa
A 1, 15x10°  265x10°
K, =17-e =17-30028 _ 455
f 355

y

= Sensitivity assessment of the web stiffeners dukeduckling instability
Slenderness of the substitutive compressed eleinent

Non-dimensional slenderness

_ A 1442 019 < 020- lateral buckling will not occur

* A 7641

» Resistance of the compression zone

FcRd = wkwc beff.ctwc fy + 2bs$scfy
Yvo Vo
_ 0981085 EI182.86EFE3355+ 2120012855 _

Fera = 140236kN
10 10
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= Resistance condition

Foo _,  124688KN

<1 = 089<1
Forg 1402.36kN

= Sensitivity assessment of the web stiffeners dukeddorsional instability

_b, &, _12002°
t 3 3
b O, , b [, _120°00 , 120010

I = 6912x10°mm*

|, = e 4 ke = 693x10°mm’
3 12 3 12
f

Jiss3 6929x10° o5 355 10105 0009

_y g = D
I E 693x10° 210x10°

Calculation of the compression zone - case |l (acm 3.3)
» Resistance condition

Foo~Vas _,  124688KkN -26130kN _ -0 .

Ferg 140236kN

5.Summary

The paper presents the calculation problems of edelknees of steel
frames, in which the main load-bearing elementsashes can be made of plate
girders with slender webs.

The presented analysis method ofjoint loading stiltevs relatively easy
to determine the forces acting in the three charistic zones of the rectangle
knee joint.

The algorithms for checking resistance have beerldped in such a way
as to take into account the complex state of steessthe joint web, as well as
the phenomenon of instability in the shear andctimapression zone of the joint.

The proposed method of designing welded knee joimdkes it possible
to determine quite accurately the resistance ofitidévidual zones of joint.
This fact may in many practical cases favor morenemical design of steel
frames knees.

Furthermore, the method of internal forces deteatom and the
dimensioning procedure presented in the paper wszd in the calculations of
certain knee joint of the portal steel frame.

Although the scope of the calculation method is thork relates directly to
the design of welded knees of steel frames, thesepted dimensioning
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algorithms can be relatively easy adapted to cafimuis of knees, in which end-
plate bolted connections between beams and colappesar.

The issues presented in the paper are importamt fhe practical point of
view, and therefore, they should be taken into awtd the design process of
frames with plate girders’ cross-sections.
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SHAPING OF ARCHITECTURALLY EXPOSED
STEEL STRUCTURES

Architecturally Exposed Structural Steel (AESS3tisel that must be designed to be
structurally sufficient to support the primary need the structure and — at the same
time — remains exposed to view, being a signifigeart of architectural language of
the building [4, 6]. The quality requirements of @& typically exceeds the
requirements of Standard Structural Steel (SSS3f imareases the time and costs of
the design and execution of AESS. Currently useakstication of AESS
distinguishes 5 categories of execution qualitys Hategorization has a hierarchical
structure, each higher category of structure ei@tutontains all the properties of
lower category. The basis of presented classifinat the degree of human visual
perception of the structure. It is mainly related the distance of the potential
observer from the structure, which allows in vagyilegrees to see the details of
structure execution. Joints and connections aremb& means of architectonic
expression in architecturally exposed steel strastuThe principles of joints and
connections shaping in AESS are the same as for I&§Sadditionally some
requirements to the expected aesthetic are forewuldthis additional requirements
cause that AESS can be significantly (even a femdred percent) more expensive
than SSS with exactly the same functionality andability. However, PN-EN
1090-2 [7] gives no provisions about AESS executiavhich may impede mutual
understanding between architect, structural engigeatractor and investor.

Keywords: exposition of steel structure, classification of @& higher quality
requirements, higher costs of AESS

1. Introduction

Exposition of steel structure in architecture oblmibuildings is not a new
trend. Many of the 19th century buildings — builridg the initial stage of steel
structures development — utilize architecturallp@sed structural cast iron with
ornate decoration that imitated carved stone elésr(&ig. 1).

High costs of cast iron elements manufacturingtiqaarly in the case of
their reshaping, caused that their degree of repaiess was very large, which
limits the freedom of architectural forming of theilding. Additional disadvantage

1 Corresponding author: Izabela Tylek, Cracow Unitieisf Technology, ul. Warszawska 24, 31-155
Krakéw, +48126282372, itylek@pk.edu.pl
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Fig. 1. Interior of the Oxford University Museum &tural History, built 1855-1860, Oxford,
England (author of photography: nz_willowherb [10])

of cast iron — its low ductility — was the causeadew spectacular failures of the
19th century bridges, e.g.: Dee Bridge (1847), Thg Bridge (1879) and the
Portland Road Bridge (1891). The second half of 1®# century brought the
technology development, i.e. mass production oétinedly cheap steel and
rolling techniques of plates and profiles what @aged application of steel
structures in building industry. However, steelustures made of hot-rolled
elements was considered to be visually heavy amsthetically unattractive;

additionally — riveted joints were very labour- atiie-consuming. The above
disadvantages combined with relatively fast degradaf steel element rigidity

due to fire caused that for many decades steelefratructures of public

buildings were hidden under the masonry or conarleigding.

Initiated in late 1940s architectural style, latedled Brutalism from the
French word “brut” (“raw”), placed emphasis on #eosure of raw building
materials and constructions producing expressiweinmalist forms. Built in the
UK in 1954, Hunstanton Secondary Modern School arfélk became one of
the flagship examples of this style, in which pralgafor the first time steel
frame structure of public building was deliberatayhibited, revealing the
architectural rhythm with repeated structural eletsemade of ordinary steel
I-beams. Development of steel manufacturing andingi which took place in
the second half of the 20th century, made possibtiesign and execute large-
area public buildings with large spans and largazedl area providing
appropriate amount of natural light. Steel, becanfsigs high strength to self-
weight ratio, perfectly suited for this purposdoaing shaping slender, visually
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light structural elements with small cross sectiomensions. Wide utilization of
steel hollow sections and ties has become a cleaistat feature of the
developing from the 1970s architectural style knagnhigh-tech architecture.
Exposed structural elements are often shaped ufiagmethod called by
T.M. Boake “a force-varied expression” [4]. It cests of intentional variation
of cross-section dimensions of exposed steel elesmedepending on the force
sign and magnitude. In order to increase the archital expression, many
objects of this type have unnecessarily complexpstmg system that can be
replaced by simpler, but visually less impressore.

It should be noted that modern structural elemant$ their connections
more often become the subject of architecturalgihedi the structural element
performs also aesthetic function, it requires aalatl work effort of an architect,
structural engineer, steel structure manufactuaed erector. For this reason,
architecturally exposed steel structures can evensbveral times more
expensive than the standard steel structures.

2. Classification of architecturally exposed steetructures

Popularisation of architecturally exposed steeicstires in combination with
a variety of applied solutions and their high costsused the need to create
areference document, which would be a point of mfee to facilitate the
understanding between investors, architects, stalcengineers and contractors.
The first work which introduced currently used (Teall) classification of
architecturally exposed structural steel (AESS) wles study of the Rocky
Mountain Steel Construction Association and thecral Engineers Association
of Colorado published in 2003 [2]. This proposalswatroduced to Canadian
standard [5] in 2009, American standard [1] and tralian/New Zealand
standard [3] in 2016.

Classification presented in Table 1 distinguishesategories of execution
quality for architecturally exposed structural 5{@€SS), denoted as AESS+1
AESS 4 and AESS C, which exceed quality requiresnepecified in execution
standards for standard structural steel (SSS). cettegyorization has a hierarchical
structure, each higher category of structure ei@tebntains all the properties of
lower category. The exception is AESS C categohyclwas defined, is intended
for individual requirements that can be freely skdd from the properties set
provided in the classification or additionally sied by the architect. The basis
of presented classification is the degree of hummoal perception of the
structure. It is mainly related to the distancethad potential observer from the
structure, which allows in varying degrees to seedetails of structure execution.

According to AESS category, quality requirements the structure
execution are defined. They may concern: qualityvefd and element surface
finishing, geometric tolerances or the type of {pirused. The specific
requirement, which may optionally be formulated dategory AESS 2 or higher,
is performance of mock-up, usually for joint ortpafrthe structure. Mock-ups are
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Table 1. Category array for specifying AESS basefPpn

(@) < ™ N —
Characteristics % 8 % % % ?
L L i i i 0
< < < < <
1.1 Surface preparation to SSP| . . . .
SP-6 [8]
1.2 Sharp edges ground smooth . . . .
1.3 Continous weld apperance . . . .
1.4 Standard structural bolts . . . .
1.5 Weld spatters removed . . . .
2.1 Visual samples optional |optional |optional
2.2 One-half standard fabricatign
tolerances i i i
2.3 Fabrication marks not apparemt . . .
2.4 Welds uniform and smooth . . .
3.1 Mill marks removed . .
3.2 Butt and plug welds groun . .
smooth and filled
3.3 HSS weld seam oriented for
reduced visibility i i
3.4 Cross sectional abutting surfa|
aligned i i
3.5 Joint gap tolerances minimize . .
3.6 All welded connections . .
4.1 HSS seam not apparent .
4.2 Welds contoured and blended .
4.3 Surfaces filled and sanded .
4.4 Weld show-through minimized .
C.1
Estimated cost premium [%)] 20+250| 100+25060+150| 40+100| 20+60 0

used to carry out the arrangements and gettingilatalal acceptance of the
visual aspects of structure final form. They makettéhe form of scaled or full-
scale physical mock-ups or virtual rendered 3D i@sagvhich can be relatively
easy created by using computer programs for stagdtsres 3D detailing, e.qg.
Tekla Structures, Bocad, Advance Steel, etc. Tlessity of mock-up execution,
particularly in the case of physical full-scale rkap, must be clearly indicated
in the design documentation, because it requirdgianal costs and time which
must be included in the schedule of constructiorkaio

The AESS 1 category includes steel structures despite the fact that they
are visible, are not architecturally dominant elateeand their distance from the
observer prevents seeing structural details suchvedds quality or joint gap
distances. They don't focus attention within obsdrspace, usually have the
same colour as the background and are often unolesed, remains in the
shadow (see Fig. 2).
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Fig. 2. Stand roof structure of Cardiff City StadiuBardiff, Wales (author of photography:
Jon Candy [10])

The AESS 2 category includes structures that casbberved from a distance
of not less than 6 m, but their shaping constitwesignificant part of the
architectural composition of the building. These aften a visible, well lit part
of the roof structure or high-level ceilings. Siamlyy as in AESS 1, distance
between the observer and the structure does notv albr assessing the
construction details quality (Fig. 3).

Fig. 3. Roof structure of Edmonton City Hall, EdmamtCanada (author of photography:
Mack Male [10])
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Fig. 4. Concourse B of O’Hare International AirpaZhicago, USA (author of photography:
joevare [10])

The AESS 3 category applies to structures thabeaseen from a distance of
less than 6 m and even touched by the public. @lisvs to see details and
imperfections of elements surface finishing suchgrasd marks. Typical structures
of this category structures include terminals,aig shopping centres, etc. (Fig. 4).

The AESS 4 category is the highest category ofl stieecture execution
guality, it includes highly exposed elements, datiimg in the architectural
composition of the building. In this type of struiet, the architect’s intention is
to present the form of structural element as itsque visually exposed
geometric property (Fig. 5). In this category, stames are often composed of
custom elements, manufactured on investor's indalidrder, e.g.: connection
parts made of cast steel, tapered hollow sect&tnsWelded joints with grinded
weld face are often used. The element surfacealsoggrinded and then surface
defects are supplementing with special synthelier fiThis labour consuming
surface treatment is required for structures cal/evéh high gloss topcoats,
which due to the high light reflection coefficiegteatly reveal all geometrical
imperfections of the surface.
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Fig. 5. Copernicus Airport Wroctaw, Wroctaw, Polagadithor of photography: Paw@wirek)

Careful steel surface preparation in combinatiath wther treatments, makes
that structure is visually deprived of any chamasties allowing to identify the
material of which it was made of. The exampleswal tontemporary structures
executed as AESS 4 are shown in Fig. 6-8.

Fig. 6. Amazon Spheres — spherical conservatogie®e @s employee lounge and workspace located
on the headquarters campus of Amazon company teS&SA, completed in January 2018:
steel structure under construction (author of piyaohy: SounderBruce [9])
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Fig. 7. Amazon Spheres — spherical conservatogie®e @s employee lounge and workspace located
on the headquarters campus of Amazon company teS&SA, completed in January 2018:
connections details (author of photography: MaBaamondez H [10])

N

= NN

Fig. 8. Atrium in Brookfield Place office complexpfionto, Canada: interior view (author of
photography: Marcos Virgilio [10]) and steel colutmase detail (author of photography:
cbrueck [10])
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In one design, and even in one steel element reiffeAESS categories may
occur. It allows reasonable selection of meansnaetthods for increasing quality
and keeping additional (premium) costs to a minimutnis estimated that
premium costs are in the range from 20% for AES® P50% for AESS 4
categories compared to the SSS.

The AESS category must be clearly specified byatteéitect and indicated
in design and execution documentation (both irteélxeand on the drawings).

3. Shaping and execution of joints and connections

Joints and connections are the main means of ectinil expression in
architecturally exposed steel structures, but gt#lyperform their basic function
that is allowing the safe transfer of loads betweennected elements and
enabling an efficient transport to the site andcstire execution. The way of joint
shaping may drastically affect the labour costhatstage of design and detailing,
manufacturing, transport, and structure execution.

The type, location and quality of joint executidrosld be consistent with the
general aesthetic concept of the building — assaltréwo basic types of joint
shaping may be identified: they may be displayetlidden from the sight of the
observer. Connection, and particularly splice eékelements, is the place where
the continuity of the compositional lines creatgdhe element outlines is disturbed.
These lines naturally “lead” human eye during okeon of the structure and
connections are the points that spontaneously éacobserver’'s attention. This
effect can be undesirable if the essence of anthitd expression are smooth
lines and minimalistic forms used in different etylof modernist architecture.
However, the connection may sometimes be treatadvakiable item of aesthetic
effect intended by the architect, e.g. accentuatiegindustrial style by referring
with bolts arrangement in joint to the textureshaf background surfaces.

The principles of joints and connections shapingAi#SS are the same as
for SSS. Correctly shaped and designed joints amthections of structural
elements should primarily meet the safety, serbidigaand durability requirements
as well as enable easy execution of the strucAdditional requirements to the
expected aesthetic of the structure causes the foeagasonable methods of
AESS shaping, that would allow to meet abovemeatiarequirements with only
a little increase of costs in comparison with SB8s can be achieved by using
one of the following recommendations.

If the joint or connection is visible to the obsamand harmonises with
aesthetic concept of the structure, it shall b@patian a way that refers to lines or
textures of adjacent elements. If the joint or @ation is meant to be “a strong
point” of the composition, its elements, e.g. baits gusset plates, can be
emphasize by increasing their number or dimensiatreducing additional holes
which are unnecessary from structural point of yidesigning gusset plates with
more attractive geometrical shapes, e.g. curvethamipulate colour, lighting and
texture of the surface (Fig. 9).
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Fig. 9. Centre Georges Pompidou, Paris, FrancebMisinlarged gusset plates, additionally
accentuated by the central hole (author of phopdgraV C [10])

Fig. 10. The joint of steel spatial structure aatieow airport, London, England (author of
photography: Andreas Komodromos [10])
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In the case of geometrically complicated joints @omplex three
dimensional steel structures, it often is prefexalbbm both an aesthetic and
financial point of view, to apply prefabricated tateel elements (Fig. 10).

If the joint or connection is visible to the obsembut its accentuation is
inadvisable, the measures ensuring that it willimally focus the observer's
attention should be applied. These can be for elampsing of welded
connections instead of the bolted ones, repladiegwielded shear connections
with the end plate connections, replacing the imieent fillet welds with
continuous fillet welds, minimising of gaps betwettie connected elements,
removal of welding spatters, weld grinding, surfaedects supplementing with
special synthetic filler, placing all bolt headsame side of the joint, etc.

If the location of the joint in particular part tife structure is unfavourable
from the aesthetic point of view, one may try @nsfer it to other, less exposed
place, even if for design or execution reasonsilt be a worse location.
The location of hollow section longitudinal seants the side which is non-
visible to the observer may be the example. Ifjdiet cannot be transferred,
one may try to hide it by appropriate shaping.hiis tase two approaches may
be distinguished. The first one is to hide thetjdiyp such gusset or end plates
shaping that they are practically within the comtaf connected profiles.
The joint can be additionally enclosed by non-gticad cover plates in the shape
of a connected profile. The second approach ingdlve use of cast steel elements
welded to the connected profiles. After assembdyt, beads and nuts are hidden
in hollows of the cast that are later filled in witeld deposit and ground.

If this is consistent with the aesthetic concepthaf structure, some of the
welded joints can be replaced by bent elementsaritbe applied in the case of
both connections of straight elements that formvedirelement and the gusset
plates.

4. Summary

The high vyield strength of steel makes it possitie erect building
structures with slender elements, which only miniynéimit the access of
natural daylight to the interiors. At the same tinexposed steel structural
elements became the means of the architecturalessipn. Joints and
connections, as inherent part of steel structus®y began to be a subject of
architectural design. They are an essential compoofksteel structure visual
appearance, being within the observer’s sight. @ue fact that the fulfilment
of the architect aesthetic expectations requirada@ease effort, both at the stage
of design and execution, AESS can be significaf@ien a few hundred percent)
more expensive than SSS with exactly the same itmadity and durability.
It should be noted that greater part of additicc@dts is associated with joint
execution, that must meet quality requirements mhigher than these for
standard steel structures.
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The current standard for execution of steel stmestPN-EN 1090-2 [7],
does not refer to execution of AESS. In the casénobrrect or incomplete
specification of steel structure, it may be an abdlst to the mutual
communication between the architect, engineer amdractor. This leads to
misunderstandings that may sometimes have seramsequences, e.g. financial
— resulting from the necessity to redesign or recekion of structural parts,
which is often associated with delays in termimatiof the investment.
The possibility of such situation may cause tha thvestor will treat the
realization of architecturally exposed steel stites as a venture of higher
financial risk what may limit the application ancewveélopment of AESS.
Therefore, the demand for actions aimed at thedottion to current standard
PN-EN 1990-2 [7] provisions about the executiomahitecturally exposed steel
structures seems to be justified.
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INFLUENCE OF THE END-PLATE THICKNESS
ON THE STEEL BEAM-TO-COLUMN JOINT
STIFFNESS WHEN SUBJECT TO BENDING

Based on the numerical simulation performed wittie Abaqus computational
environment for a typical end-plate beam-to-coluwint the influence of the end-
plate thickness on the effective joint rigidity Heeen verified. The initial joint rigidity
at first determined for 20 mm thick end-plate hasrbcompared with rigidity of the
joint constructed with substantially more flexi@ad-plates 10, 8 and 6 mm thick.
In all the considered cases the column was equipfthchorizontal ribs stiffening the
web at the height of beam top and bottom flange.digonal ribs were applied.
In addition the column flange at the zone direatljacent to the beam end-plate in all
the analyzed cases has been set to 30 mm. Thi edynot affect the computationally
determined rigidity of considered joints. Juxtatiosi of M-¢ curves characterizing
the considered joints and depicting the relatigndtetween the applied bending
moment and relative change of the initial angleveeh undeformed axes of beam and
column in the analyzed frame indicates qualitagiifferent modes of destruction of
the considered joints, and thus different compantali models determining their
bearing capacity. In the first case obtained patersiseem to indicate that the joint is
nominally rigid but in all the remaining cases thearing capacity seems to be
exhausted by the increasing deformation of the randemore flexible end-plate.

Keywords: beam-to-column steel end-plate joint, end-platektiéss, joint flexibility,
initial stiffness, numerical simulation

1. Introduction — description of the simulated resarch model

A typical steel beam-to-column joint of scheme, @nsions and geometry
depicted in Fig. 1 is the subject of our analy§he joint represents a connection
between the cantilever column made of IPE 360 kbead a cantilever beam
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made of IPE 240 |-beam at the height &f0D mm above the restraint level.
The external load is applied as a concentratedefdraving the value of
P=60 kN applied at the distance af=2.00 m measured with respect to the
undeformed face of the beam end plate. This resulthe bending moment
equal to M =120 kNm applied at the joint face, tensioning the top and
compressing the bottom flange of the beam. As lsib Fig. 1, horizontal ribs
stiffening the column web have been applied on Badks of the column at the
height of both flanges of the beam. The rib thides equal td0 mm in each
considered case. No diagonal ribs have been applied

| i i
/ : 5 ./ ///.j //// P ‘ // 7 | 7 /// | 5 7 //i/ //’
Fig. 1. Scheme, dimensions and load applicatiothferconsidered joints. The presented stand has

been prepared for experimental research condutt&chaow University of Technology by
another research team

In each considered case the end plate is attachi tcolumn flange with
M 20x80 bolts of 109 class spaced in three rows of two bolts eacheatctbd
in Fig. 2. It was assumed that in the zone direamtljacent to the beam end plate,
at the height 0600 mm, measured from the top, the original column flange
replaced by one30 mm thick, regardless of the joint considered. Thisvaéd
for elimination of the influence of this flange @me joint rigidity, observed and
guantified in numerical simulations described iis thaper. These simulations
were performed for four joints of identical geompetdepicted in Fig. 1, but
differing in the end-plate thickness. In the joifitthe type A this thickness was
equal to 20 mm resulting in relatively rigid plate resisting defmtion even
when subjected to relatively large loads. In thatjof the types B, C and D the
end-plate thickness was equalidmm, 8 mm and 6 mm, respectively.
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Fig. 2. Bolt location in the joints simulated irepent paper and application of fillet welds: a)bea
side view towards the end plate, b) column flange/towards the joint (replaced flange part only)
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Fig. 3. Independently obtained stress — straintioglship for the structural steel of which all the
structural components of joints simulated in prégaper have been made

All the components of joints simulated in presempgr have been made of
structural steel characterized by the-¢ relationship determined experimentally
on three specimens subjected to the uniaxial teansgst. The following
authoritative average values of material data lbeen determined:

— for the conventional yield point R, ,, =328.9 MPg,

— for the ultimate strength R, =451.5 MP¢,

— for the longitudinal modulus of elasticityE; =205.2 GP¢,

— for the limit elongation: in the case of fivefddmple A, = 306%, and in the

case of tenfold sample,,, = 236%.
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The selection and calibration of the numerical nhqolerameters listed
above have been made by the authors with the imewntrify the assumptions
and results of experiments conducted at the Crddoiversity of Technology
by another research team. Detailed elaboratiorhefrésults obtained in this
experiment is still in preparation. In this reséatice initial imperfections of the
end plate not adhering to the column flange areitiaddlly introduced.
The assessment of the influence of these impesfectand various methods of
their correction on the real rigidity and bearirapacity of the considered joint is
the main goal of that analysis.

2. Characteristics of the numerical model applied

The numerical model developed within the Abaqus ¢bmputational
environment has been applied in order to simuleebehavior of the four joint
types of the same geometry, but differing in thd-plate thickness as described
above, when subjected to external loads. Eight rwddk type C3D8R finite
elements with reduced integration and hourglasdraoimave been applied.
The total number of degrees of freedom was equdO&850 — for the model
with endplate20 mm thick, 415392 — for the model with endpldt@ mm thick,
420246 — for the model with end-plagenm thick and 418041 — for the model
with end-plate6 mm thick. The external load has been applied as #réceal
traction applied to the cylindrical spacer at thed eof beam. The complex
contact interactions have been modeled by the congairs between the
respective interacting surfaces, in a manner analogo that used in the paper
[2]. The ,surface-to-surface” contact type has besed throughout the analysis,
with friction coefficient 4= 050. Each bolt with nut has been modeled as

a single unit, while spacers have been modeledpamidently. The following

contact pairs have been created: bolt head — end;gbolt shank — end-plate
bolt hole, nut — spacer, spacer — column flangé#, d#fmnk — column head bolt
hole, end-plate — column flange. The scheme ofnasdunumerical model is
depicted in Fig. 4.
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Fig. 4. Numerical model applied to simulate theawbr of joints analyzed in this paper when
subjected to external loads

3. The joint destruction forecast depending on thend plate
thickness applied

The simulations performed visualized the differenicedeformation modes
of both constituting components of each node as ageWwhole surroundings of
joint area at limit loads. Observation of differescin the deformation of the
end-plate for end-plates substantially differing iiigidity was especially
important for the authors. The destruction mod¢hefA type joint, having the
end plate20 mm thick is depicted in detail in Fig. 5. One mayiasbserve
that this end-plate is so rigid that even whenlatikely large bending moment
is applied to the joint, deformation of the endtples hardly visible even at the
ultimate limit state. This suggests the relativilsge probability that the joint
would fail due to the destruction of the highlyessed bolts located at the
external edge of end-plate without any interactimith the relatively
undeformed plate, such as, for instance, the laggon amplifying the tensile
force in these bolts. The simulation performed Imne tauthors indicated
completely different destruction mode of the joihkétermining its bearing
capacity. The limit state was determined by thédyig and deformation of the
bottom, compressed, beam flange (Fig. 5), whilebities remained undamaged.
Such behavior should be associated with relativailyngent limitation of
effective rotation angle and thus in practical teceformation corresponding to
the nominally rigid work regimen.
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Fig. 5. Ultimate limit state of the A type jointresidered here, equipped wi0 mm thick end-plate,
attained via yielding of the bottom, compressednbéange. The deformation of the beam
end-plate in the tensile zone of the joint is haxdéible. The bolts remain undamaged

o

Fig. 6. Joint destruction mode for joints equippé&ith thin end-plate realized via large deformation
of this plate in the tensile zone of the joint,@opanied by the deformation of the compressed
bottom flange of the beam: a) B type joint — enateoll0 mm thick, b) C type joint — end-plate 8 mm
thick, c) D type joint — end-plate 6 mm thick
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The numerically simulated destruction mode of thiatg belonging to the
types B, C and D, equipped with relatively thin giate, is fundamentally
different. The bearing capacity of the whole joigit to the increasing extent,
determined by the deformation of the end-platdéténsile zone accompanied by
the deformation of the bottom, compressed, beangddFig. 6). The maximum
displacement of the end-plate face is here alwdgemwed at the level of the
beam top flange, as this flange, subjected to d@nspulls” behind the very thin
end-plate, susceptible to this type of action i zbne located between the two
top rows of bolts, stabilizing its location. It sid be noted, however, that this
~pulling” action of beam is the strongest in thebnmglane of the beam and is
noticeably weaker outside of its flanges at théadise to the web. This difference,
under favorable circumstances, may lead to additideformations of the end-
plate, observed in the plane perpendicular to thené plane. However, in
general due to the substantial resistance to dafpbenof the hot rolled beam
section, this phenomenon plays secondary, andniggiggible role. Interestingly,
with decreasing thickness of the end-plate therdeition associated with top,
tensioned, beam flange tends to play increasingigidant role, while the
influence of the compressed bottom flange gradwhihinishes.

Detailed analysis of equivalent Huber — von Miseess distributions on
both sides of the end-plate (view towards the coliend view towards the
beam) yields additional interesting information igd- 7—10. The thinner the
end-plate the more it deforms. Thus the zones@hifhest stresses in the thin
plates are usually isolated and localized arouedbtit holes. This is the direct
result of reaction to the dominating interactioriween the plate and bolts
prestressing the joint. The more distant surrousliof the bolt holes relatively
weakly contribute to the transfer of loads. Howetfethe end-plate is sufficiently
thick the redistribution of equivalent stressesys®é be more pronounced and
this in turn makes the cooperation of adjacentamgimore efficient. Thence in
such situations the highest equivalent stressesaflaconcentrate around bolt
holes but become more pronounced in the adjaceasas well. This in turn
results in grouping of formerly isolated stress amtration zones into much
larger areas, and subsequently in relocation dfettmnes to the area directly
affected by the action of top, tensioned, beanmg#afT his relocation proves that
when a thicker plate is applied at the joint thelljpg” of the end-plate by the
tensioned beam flange becomes dominant in the glebafance of actions,
while the action of bolts, dominant in the thin tpka substantially loses in
importance.
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a) b)

Fig. 7. Distribution of equivalent Huber — von Misgtresses in the end-plate of the A type joint,
20 mm thick: a) view towards the column flangeyigw towards the beam

a) b)

Fig. 8. Distribution of equivalent Huber — von Mis&tresses in the end-plate of the B type joint,
10 mm thick: a) view towards the column flangeyigw towards the beam
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a) )

Fig. 9. Distribution of equivalent Huber — von Mésgtresses in the end-plate of the C type joint,
8 mm thick: a) view towards the column flange, l&wtowards the beam

a)

Fig. 10. Distribution of equivalent Huber — von lésstresses in the end-plate of A type joint,
6 mm thick: a) view towards the column flange, lewwtowards the beam

4. Evaluation of modeled joint rigidity

Performed numerical simulations allowed for theed®mination of theM-¢
relationship for each of the joints considered, nifiging the interdependence
between the bending moment applied to the jointtaedncrease in the rotation
angle measured between the beam axis and the cddixien related to the
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initially straight angle between those two struatwomponent axes. The increase
in the rotation angle has been measured in theefrplane, determined before
the deformation, thus all the out of plane disptaeets occurring during the
deformation process have been disregarded. No fegiens have been assumed
in simulated joint geometry nor in simulated load$ie authoritativeM-¢
characteristics, a result of current simulation depicted in Fig. 11. These
characteristics, from left to right, pertain to tjoénts with decreasing rigidity
(i.e. A, B, C and D). The borderlines between tbhees qualifying the joint as

rigid (when the conditiors; j,; 2 Z{Eal%b) is satisfied), semi rigid and fully

flexible (when the conditiors; j; < O.S(Ea'%b) is satisfied), as recommended

in the code PN-EN 1993-1-8 [3] for sway frames, depicted in Fig. 11 with
straight continuous lines. The borderlines havenbdetermined under the
assumption that the considered frame representlaifef a typical sway portal
frame. This means that the authoritative equivabe@m length was assumed as
L, =2x2.0m= 4.0 n.
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Fig. 11. ResultanM- ¢ characteristics obtained for the joints analyregresent paper. The relations
presented, from left to right, pertain to the jeiof type A, B, C and D. Thus decreasing
end-plate rigidity is accompanied by decreasingtjdgidity
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It is clearly visible in Fig. 11 that the deformati of A type joint when
subjected to load is qualitatively different théwe deformation of B and C type
joints. In turn the joints of these two types defon a manner substantially
different than the D type joint. Should the joirisalyzed in present paper be
qualified based on the initial rigidit§,ini, the first three types (i.e. A, B and C)
would be assigned to the fully rigid group. In igal however, the joints
belonging to the types B and C attain the full begacapacity at the relatively
large value of rotation anglg, while the limit value of the same angle in the
case of A type joint is much smaller, in generajligibly small. One should
also note the qualitatively different behavior oftype joint when subjected to
loads. The joint of this type, based on the resoitperformed simulations is
qualified as typical flexible one. Its charactedss at the same time very close
to linear in the whole deformation range, in whitks able to safely resist the
loads applied to it. Its initial rigidity, even #te very low values of bending
moment applied, is very low, as its value is incamaple with the values
determined for other joint types considered here.

Relations depicted in Fig. 11 allow for the deteration of bearing capacity
of analyzed joints. This proved to be relativelgnigar for all considered joints.
This means that the change in end plate thickme®s) so drastic as considered
here, exerts unequivocal and clear influence on rdsultant joint rigidity.
The influence on the bearing capacity, howevemush more subtle.

5. Concluding remarks

It was shown in the paper that the numerical sitrmriaespecially on
performed on the sufficiently complex computatiomabdels may constitute
an efficient and effective tool allowing for detémation of joint rigidity and
bearing capacity, relatively reliable and unequalac interpretation. The authors’
experience seems to indicate thathhe curves — a result of such analysis tend to
indicate that the initial rigidity of the considdrgoints is much higher than the
corresponding rigidity determined for the sametpimsing the classical analytical
component method. This conclusion is not surprisingnly confirms the earlier
findings reported for instance in [4]. In the bilgraphy on the subject one may find
as well the opinions, that the numerical models magrestimate the joint rigidity,
with respect to values arrived at via experimeihtisconclusion may hardly be
generalized and should be verified by individualizend sufficiently detailed
comparisons. However, one should always keep ird rifiat that every estimate
of joint rigidity determined by numerical simulatias highly sensitive to many
details preset during the development of humeriwzadie! (c.f. for instance [5]).
Therefore the validation of results obtained by dlahors and presented in this
paper, even if only via the application of differeemputational environment [6]
would be highly desirable.
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FATIGUE TESTS OF WELDED JOINTS IN STEEL
ORTHOTROPIC BRIDGE DECK

The procedure supported by testing has been uselefdatigue assessment of the
existing steel bridge with the orthotropic deckjltin the early 80’s of the XX
century. The main goal was to check if the remgifitigue life of the existing steel
deck is at least 25 years, without the need ofrnesxte repair or strengthening.
The assessment comprised the fatigue calculaticording to European codes
with the use of updated values for material reststa In order to obtain the
updated information on material resistance thefatitesting was carried out and
the actual fatigue resistandec was applied in damage accumulation calculation.
The fatigue tests were carried out for two mogtaai deck details. Test specimens
were cut out of the existing deck at the locatiareere the preliminary analysis
showed the possible highest stress ranges. Thasasset based on the actual
material resistance revealed that the bridge deck dot very long service life.
The main results of the fatigue assessment of wapiz steel deck supported by
testing have been presented in the paper.

Keywords: weldedconnections, orthotropic deck, fatigue testingyiserlife

1. Introduction

Steel bridges with orthotropic decks have beert bwtldwide over the past
60 years due to their advantages, such as higyircgueapacity, low weight, rapid
construction and life-cycle economy [10]. Howewilne detailing of the welded
connections and the execution of welding was neags carried out in the most
optimal way. This has resulted in fatigue cracksritmotropic decks during their
service life. Nowadays, due to the higher wheeti$oand the increased traffic,
steel bridges with orthotropic decks are more suliefatigue loading than in the
past. A number of these bridges have suffereduat@acks. Although cracks are
found at many deck locations, they usually do ho#aten the performance of the
bridge immediately [3]. Repairs, however, genegatditional expenses as bridge
decks are large areas thus include many spotsrephéeed.

! Corresponding author: Tomasz Siwowski, Rzeszoweysity of Technology, ul. Pozhska 2,
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Steel bridges with orthotropic decks have beent limiPoland since early
70’s of the XXth century. One of the biggest is Gt-Rowecki Bridge across
the Vistula River in Warsaw, built in 1981. Thedwe is a key element of the
traffic network of Poland. It is the busiest Polibhidge located along the
strategic DK-8 national road. Several years egodiesion was made to alter
the Warsaw section of the DK-8 into S-8 expresswahjch caused the
modernization (widening and strengthening) of thede was required. Before
the final technical solutions were approved, thegeehensive evaluation of the
technical condition had been carried out by Rzesdmiversity of Technology
(RUT). One of the most important part of this ewdilon was the thorough
fatigue assessment of the orthotropic steel dedke Tain goal of that
assessment was to check if the remaining fatigaeofithe existing deck would
be at least 25 years without the need of extenispair or strengthening.

In case of the existing steel bridges with orthait@ecks there are numerous
approaches how to estimate their remaining fatifgi¢l], [2], [5]. A classification
system of assessment levels is presented in the JC-ECCS report [4],
which offers the recommendations to provide tedcnicsight on the way the
existing steel structures could be assessed. Edatigue assessment of existing
welded structures the detail categorize given in [7] should be used, if the
actual weld geometry is close to the ones prodtmealy by manual arc welding.
If not, or to make this procedure more reliable specific fatigue tests need to
be carried out. The procedure supported by tesiirsgbeen used for the fatigue
assessment of the existing steel bridge with thieotopic deck. The fatigue
tests were carried out for deck’s critical deténglds). Test specimens were cut
out of the existing orthotropic deck where the ipnglary analysis showed the
possible highest stress ranges. The updated infamman material resistance
was used and the actual fatigue resistafacewas applied in fatigue assessment
according to recommendations [4]. The main resflfatigue assessment along
with fatigue test results have been presentedeip#per.

2. Bridge description

The Grot-Rowecki Bridge is one of the first Polisiygest steel bridges
equipped in an orthotropic steel deck, very moderthose days. It has the total
length of 646 m and consists of two parallel andependent steel box
structures. The bridge superstructure is a sevan-spntinuous beam with the
span lengths of 3 x 75 + 2 x 90 + 120 + 60 m. M biggest spans located
directly over the river bed have the one-box ckmstion (Fig. 1la), the
remaining spans are two-girder plated structurdis thie constant depth of 4.1 m
of all girders. It is the widest bridge in Warsa2v{ 18.5 m), located along the
north by-pass of the city, and hosts 4 traffic fané3 x 3.5 m + 3.0 m and one
sidewalk of 1.6 m.
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Fig. 1. The Grot-Rowecki Bridge: general view of tgisders (left), the orthotropic deck (right)

The orthotropic bridge deck consists of steel glasiffened with
longitudinal trapezoidal closed stiffeners and &s#d cross-beams (Fig. 1b).
The thickness of the deck plate varies from 12 mtiné middle to 28 mm in the
support regions of the spans. The trapezoidakstffs are made of cold-formed
8-mm plates and continuously go through the websrao$s-beams. The axial
distance of the stiffeners is 600 mm and their léptl 78 mm. The cross-beams
are made up of 12-mm web with the depth of 850 mah lzottom flange with
20 x 400 mm cross-section. They are placed ev&302nm along the bridge.
The whole steel superstructure was completely vdelted is made of 18G2A
steel grade (S-355 according to current codes).

The technical state of the orthotropic deck of &Rotvecki Bridge after
30 years of service was described in [11]. In thdde supervisions conducted
during last years the special attention was paidh® orthotropic deck in
particular. However, no serious damages were obddrvthis bridgeRecently,
the visual inspection of the deck structure has la¢sm carried out by the RUT
as a part of the preliminary evaluation beforegiadi assessment.

3. Selection of fatigue — prone welds

In order to identify the welded connections whigk aritical in terms of
fatigue, apart from the visual inspection of theldstructure, the calculations
were conducted and the critical regions were chdsepreliminary evaluation
of the deck (Fig. 2). For the calculation of stremsges in the chosen details, the
part of the orthotropic deck with the length of @& was modelled, comprising
5 spans of longitudinal stiffeners supported ond@s-beams. A beam and shell
elements in FEMSofistikcode environment were used for deck modelling.
Using 3-D structural model of the orthotropic dedke inner forces and
corresponding maximum and minimum stresses in elévant details were
calculated and followed by establishing stress eangpplied for the fatigue
evaluation [9].
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Fig. 2. Critical welds of the deck chosen for prétiary evaluation

The Fatigue Load Model No. 3 (FLM 3) according @] was used to
generate stress ranges in the details under coasate Equivalent damage
coefficientsi; - 14 according to [8] for the bridge were determinedr welded
joints in the orthotropic deck the valuesAfc were applied according to [7].
Fatigue safety coefficients= 1.0 according to [6] and partial factas = 1.15
for high consequences of failure according to [€fevalso applied. The fatigue
assessment was undertaken using damage tolerdmdnet

Table 1 shows the fatigue safety calculationg)(for selected critical
details (Fig. 2). This way two critical details thie deck were determined with
the fatigue safety levelsa< 1.0: the fillet weld connecting the deck to
trapezoidal stiffener (detail no. 1 in Fig. 2) aheé splice joint in stiffener, full
penetration butt weld with steel backing plate &deto. 4 in Fig. 2).

Table 1. Fatigue safety calculationté 2, utar) for selected critical welds

. Fatigue safety
Detail Aop 2 Aoe2 Aoc Mfat pra > 1,0
1 57.2 74.9 71 0.70 no — check level
2 yes
334 1.31 43.8 80 1.35
3 yes
4 40.0 52.4 50 0.71 no — check level|2

Once the critical construction details were fouthe, detailed investigation
of the remaining fatigue life supported by testocwuld be done. Because the
actual weld geometry is not the same to the onesdused today and to make the
assessment procedure more reliable, the fatigte wese decided to be carried
out. On the other side, a more refined load moclehposed of the different
types of lorries crossing the bridge, was appliedthe further calculation.
The Fatigue Load Model No. 4 (FML 4) given in [6]daadjusted to the actual
bridge service situation was taken into considenaji®].
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4. Fatigue testing

For the reliable fatigue assessment of existingleelstructures the detail
categoriesdoc given in [7] should be determined by means of specific
fatigue tests. In our case the fatigue tests wamneed out for both critical details
(no. 1 and no. 4). Test specimens were cut outhefekisting orthotropic deck

(Fig. 3).
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Fig. 3. Fatigue test specimens: weld no. 1 (leféld no. 4 (right)

Detail no. 1 was the fillet weld connecting the kistab to the trapezoidal
stiffener (Fig. 2). In this case the fatigue assest is based on the direct stress
range from bending of the deck plate. Thereforentlagn point of interest was
the fatigue strength of the deck plate under thadimg stresses imposed by
wheel loading. Testing was carried out on full-ecahe-stiffener specimens,
consisted of a 300-mm-long single stiffener witk@opanying part of the deck
plate 700 mm wide (Fig. 3a). Twelve test specimemse cut out of three
different parts of the deck, located on three mhtwspans of the bridge and
along the slow lanes of the deck.

The test involved one mode of fatigue loading atftequency of 5 Hz, i.e.
on the deck at the stiffener centre-line, with thpecimen supported
symmetrically (Fig. 4a). Using the test specimem d@he loading shown in
Figure 4a the approximation of the actual loadimgditions was achieved.
The load value F and relevant stresses in theityabf fillet weld was evaluated

Fig. 4. Detail no.1 under testing: loading schelaft)( typical fatigue failure (right)
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on the basis of the FEM calculations using the migakmodel of specimen
validated against the strain measurement done eadtual bridge deck before
fatigue specimens were cut out. The stress ratilbeatveld toe in the deck plate
was assumed as R = 0.1 with constant amplituderigad

The series of 6 specimens was tested at the sargsesdos between 160
and 220 MPa. All specimens failed in the weld asesult of fatigue crack
propagation from the weld root through the stifiefigg. 4b). It was induced by
the transverse bending of the deck plate. The teesfithe tests of a fillet weld
connecting the deck plate to the trapezoidal stifeare shown in Table 2.

Table 2. Results of fatigue testing of the detailho

No. Ao Fmin Fmax AF Number of cycles
[MPa] | [kN] [kN] [kN] N

1 160 1.09 10.9 9.8 2,763,055
2 170 1.16 11.58 10.42 1,652,000
3 180 1.22 12.25 11.02 2,233,811
4 190 1.29 12.93 11.64 1,313,332
5 200 1.36 13.61 12.25 889,523

6 220 1.49 14.97 13.48 636,615

Detail no. 4 was the splice joint in a stiffeneull fpenetration butt weld
with steel backing plate (Fig. 2). In this case fillilgue assessment is based on
the direct stress ranghr in the stiffener. Testing was carried out on sratip
specimens cut out of the full-scale splice joirttisTwas a tensile fatigue test on
a butt-jointed plate, 60090x 12 mm thick (Fig. 3b). These test specimens were
cut out of four different parts of the deck, lochtn four relevant spans of the
bridge and along the slow lanes of the deck.

The small strip specimens were loaded in tensioa faequency of 5 Hz.
The stress ratio at the weld in the stiffener botate was assumed as R = 0.1
with constant amplitude loading. The series of &cépens was tested at the
stress rangeds between 120 and 200 MPa. Most specimens failgétdarweld
as a result of fatigue crack propagation from theddwroot through the plate
(Fig. 5b). One run-out was observediat= 120 MPa. The results of the tests on
a penetration butt weld with steel backing platstifiener are shown in Table 3.
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Fig. 5. Detail no. 1 under testing: loading schélet), typical fatigue failure (right)

Table 3. Results of fatigue testing of the detail4o

No. Ao Omin Omax Number of cycles
[MPa] [MPa] [MPa] N
1 120 13.3 133.3 5,000,000
2 125 13.85 138.85 2,029,651
3 130 14.4 144.4 753,060
4 140 15.6 155.6 593,422
5 160 17.8 177.8 209,464
6 180 20 200 567,058
7 200 22.2 222.2 44,414

The fatigue results are presented in S-N diagramhkiding the current
relevant classification according to [7] (Fig. 6jnce the test data were used to
determine the appropriate detail category for @iqdar construction detail, the
value of the stress rangec corresponding to the value NE = 2 million cycles
was calculated for a 75% confidence level of 95%bability of survival for logy.

For details no. 1 and no. 4 the stress ranges esablished experimentally as
Aoc = 158.8 MPa andoc =101.0 MPa, respectively.

5. Deck’s service life estimation

The damage accumulation calculation for two weldgktinto account
updated values for loads and resistance. For arittonstruction details the
stress rangesa; resulting from crossing the bridge by each lorfrif*bM 4 were
calculated, using the refined 3-D model of the d&¢k
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Fig. 6. S-N diagram for the detail no. 1 (top) aed 4 (bottom) against the relevant curves [7]

The number of cycles occurring at each stress ramagnitudeys 4, of
a stress spectrum was calculated on the basistiofa¢ésd Nows Of the FMLA4.
Thus the stress history for the selected deckldetais established. The number
Nri was determined using updated material resistarfoemation, i.e. the actual
S-N curves based on fatigue testing (Fig. 6). Ibldd the service life estimation
for the detail no. 1 was shown, including 33 yeafap-to-date service and
additional 25 years required by the road adminismaThe damage accumulation
calculation accounts the curve established withgdiat testing and — for
comparison — the S-N curve according to [7]. Thecpecally unlimited service
lives for both deck details were obtained: 7.80E&D2 1.80E+02 years for
detail no. 1 and no. 4 respectively. However, udimg standard S-N curve
according to [7] in both cases the service lifah®f deck was exhausted. Thus
the fatigue calculation clearly revealed the infloe of the updated information
on material resistance on the final fatigue assessnesult.
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Table 4. Damage accumulation calculation for thaitleo. 4 and the time period of 33 years

Numberof Service life estimation
Stres cycles According to [8] Based on fatigue tests
rajges in an)i/ear Endl’J\Lance n /N Endl’J\Tiance NG
@ (b) (@) /(b) (c) (@ /()
2 2.00E+06 o0 0 1.11E+16 1.80E-10
5 3.00E+05 0 0 9.89E+13 3.03E-09
7 1.30E+06 o0 0 1.75E+13 7.45E-08
10 1.00E+06 0 0 2.78E+12 3.60E-07
23 3.00E+05 2.62E+07 1.15E-02 3.79E+10 7.91E-06
26 1.00E+06 1.42E+07 7.04E-02 2.02E+10 4.96E-05
27 3.00E+05 1.18E+07 2.54E-02 1.66E+10 1.81E-05
29 4.00E+05 8.24E+06 4.85E-07 1.15E+10 3.48E-05
30 3.00E+05 6.95E+06 4.32E-02 9.64E+09 3.11E-05
35 2.00E+05 3.83E+06 5.22E-07 4.36E+09 4.59E-05
36 9.00E+05 3.52E+06 2.56E-01 3.77E+09 2.39E-04
37 1.30E+06 3.25E+06 4.00E-01 3.27E+09 3.97E-04
40 1.00E+06 2.57E+06 3.89E-01 2.19E+09 4.57E-04
Linear damage_cummulation in a yeat: 1.30E+00 1 28E-03
Dg=Xni/N
Fatig#f ﬂf‘i /(inyears): 7.72E-01 7.80E+02
Remaining fatigue life (|n_years) exhausted 747
after 33 years of service

The damage accumulation calculation revealed Heattost critical details
of the deck had got very long service life in temfigatigue Dq «1.0). It means
that in these details fatigue cracks could notrivgated and propagated in the
assumed time of service.

6. Conclusions

The applied approach of fatigue assessment ofxisérey orthotropic deck
was supported by testing and follows the princigled application rules in the
Eurocodes. The calculation and fatigue testing vperdormed for two welds,
which were estimated to be the most critical faigize according to preliminary
evaluation. However, the detailed assessment shidvaedhe remaining fatigue
life of the welds under consideration is practigalinlimited. As there are
several uncertainties in the applied proceduretlfier fatigue assessment [4],
some further measures were necessary. Since @imetiinvestigation using
NDT (magnetic particle inspection as well as ultras testing) revealed that no
cracks were found, the adapted final solution cdwdde resulted in no further
measures. Thus the orthotropic deck of the Grot€ddiBridge was considered
safe with the required remaining life of at leaSty2ars.
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RESISTANCE OF THE WELDS IN CHS JOINTS
WITH THE RIB PLATES

With regard to the calculation of welds’ resistamte&onnections between hollow
sections in EN 1993-1-8, very general informatismgiven without any indication
of specific calculation procedures. These recommagods are basically as
follows: the resistance of the welds must haveuidlee of the cross-section and
assessment of the welds’ resistance based on finetied lengths is allowed in
cases when forces in the braces are smaller tleareflistance of the joint, but the
detailed method is not specified. The objectivehif paper is to present the most
up-to-date information for the design of welds émerlap joints with reinforcing
rib plates. The article presents the FEM analyéighe welds in the intermediate
joint with the rib in a truss made of circular foil sections. The conclusions from
the analysis were presented.

Keywords: trusses, hollow sections, K joint with the ribs ldge FEM analysis

1. Introduction

1.1. Welded joints made of hollow sections

Welded joints of trusses made of hollow sectionthwhe reinforcing rib
plates between braces occur mainly in assemblysjahchords (Fig. 1) and in
support joints (Fig. 2) [1]. Similar solutions akso found in the case of design
of overlap joints when there is little overlap ofibes Xov < 25%). For executive
reasons, joints with rib plates are used in the cdigechnological difficulties in
the proper execution of welds on covered sectidnining members or in
order to avoid welding accumulation. The ribs dse ased in K type intermediate
joints of lattice systems when it is necessaryttach an additional structural
element to the joint (Fig. 3).

1 Corresponding author: Piotr Milewski, Bialystok Weisity of Technology, ul. Wiejska 45A,
milewski.piotr@02.pl, praca badawcza MB/\WSB/16
2 Mirostaw Broniewicz, Bialystok University of Techiogy, ul. Wiejska 45A, m.broniewicz@pb.edu.pl
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Fig. 3. Joint with the head rib and an additiorastp

1.2. Assessment of the resistance of fillet welds

The principles for the assessment of the joingsacdy made of hollow
sections are given in PN-EN 1993-1-8 [2], in mangnographs [3], [4] and
CIDECT guides. To assess the capacity of jointd wlie ribs, the formulas
given in PN-EN 1993-1-8 [2] can be used, referriagK joints with mutual
overlap of the braces [4]. However, the calculatdbmwelds resistance in welded
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joints of members in lattice girders made of hollg&ctions has been treated in
the PN-EN 1993-1-8 [2] very generally without prdivig detailed calculation
guidelinesThe procedure for assessing the capacity of T,d"&joints as well
as K and N joints with the gap was presented bydBadand Broniewicz in
publications [5] and [6]. Calculation of the reaiste of welded K and N overlap
joints made of rectangular and square hollow sestiare given in the
publication [7].

In all examined joints fillet welds with effectidengths calculated on the
basis of experimental research were used. Thesmeas method presented in
Annex K to the pre-standard EN 1993-1-1 [7] hashb&#opted as the basis for
assessing the effective lengths of welds, with eespo gap joints made of
rectangular hollow sections. It is stated thathie tase of K and N joints at the
angle of inclination of the brace$< 50°, both transverse welds are effective in
transferring of stresses and the total length délsvis |, = 2( /sin@ +h), while

in the cased < 60° the transverse weld located on the acute atggs not
participate in the stress transfer dpad= 2h, /sing, + b, .

According to the standard PN-EN 1993-1-8 [2], desdifective lengths
should be used in cases of welded joints maddlef éir groove welds when the
forces in the braces are smaller than the capactitlye joints due to occurrence
of general instability of members or unificatioreith cross-sections. In such
cases it is uneconomic to use the standard critesgothat the design resistance
of the weld per unit length of the circumferencelaf brace is not less than the
design resistance of the cross-section of thisebpae unit of its circumference.
In addition, it may be difficult to properly positi of the welds with the required
thickness, especially on sections of the inclinesmer at an obtuse angle.

The presented indications cannot be extended toa#isessment of the
resistance of welds in the joints with the rib plads the cutting of the ends of
the joined sections is different, so the effectmegths and often the shapes of
fillet or groove welds are different. The rules &alculating the capacity of such
connections are presented in [9].

1.3. Welded joints with the rib plate made of circlar hollow sections

In welded trusses joints made of hollow circulasctems between the brace
members and chords, depending on the location ef weld on the
circumference of the member butt welds, fillet veeldr groove welds are
designed. In the case of using circular hollowisestat the contact points of the
brace with the upper wall of the chord, fillet antbwelds are used, with the
appropriate method of beveling of the walls of ¢ireular member, while at the
contact points of the brace with the side wallle# thord the groove welds are
used. In the case of rectangular hollow sectioenathe width of the brace is
smaller than the width of the chord, fillet welds aised, or butt welds when the
width of the brace is equal to the width of thercho
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In the paper [1], it was pointed out that the folasu given in PN-EN 1993-
1-8 [2], referring to assessing of the capacityodrits with mutual overlapping
of the brace members, can be used to assess gaphsiich joints with a rib
plate. The evaluation of the resistance of filleldg laid in connection of the
braces with the rib plate is different due to thféedent way of cutting the ends
of joined members. The effective lengths of thedselnd the shapes of fillet or
groove welds are also different.

Fig. 4 shows the intermediate welded K-joint of timétom truss chord made
of circular hollow sections with the same diametethe brace members. Due to
the low overlap value of the braces, in order toihwvelds along the spatial
curve, which imitates the contact of the brace wh#hchord, a rib plate has been
used.

Fig. 4. Joint made of circular hollow sections watheinforcing rib plate

Preparing the ends of circular members accordirgy $pecific spatial curve,
ensuring proper matching of connecting elementgpdssible using modern,
numerically controlled cutting machines. Making tight welded joints requires
chamfering of walls with different angle of incliran. The spatial shape of the
joint, as well as the variability of the type of lak@n its length and its cross-
section, make it difficult to assess the capacftguch welds. The thickness of
such welds should be determined in accordancetidin shapes, usually treated
them as fillet or groove welds.

An exemplary arrangement of welds in the connacitid braces with
a chord in a K-joint with the rib plate made ofceitar hollow sections, at the
inclination angle of the braces to the ché&d50° is shown in Fig. 5.
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Fig. 5.Welds layout in circular hollow section olegr joint with reinforcing rib plate

An analytical method for determining the effectigagths of welds of such
a joint is presented in the publication [8]. Théues of mutual overlapping of
bracesq andp were evaluated in accordance with PN-EN 1993-2}8The rib
plate is connected to both the braces and the claoidl participates in
transferring forces from the braces to the chord.otder to determine the
capacity of welded joints between the braces aacdiiord and the rib plate, the
thickness of individual weld sections and theieefive lengthsg, X, V;, Vi, bieff
andb;er were determined. The valuesxgfx; are the effective lengths of welds
connecting the braces with the chord, while thaiesl;, yi are the effective
lengths of welds connecting the braces to theldtep

The effective lengths of welds depend on the sugukiy of the connected
member walls. Welds are loaded with component®ifes occurring in braces
parallel and perpendicular to the plane of the dlard the rib. Stresses in welds
¢ and ¢" are calculated taking into account the load dioectparallel or
perpendicular to cross-section of the weld.

2. Description of the K-type CHS joint with the rib plate FEM
analysis

2.1. Assumptions adopted for the joint analysis

The intermediate K-type joint with the rib plate aweaof circular hollow
sections was analyzed. In order to obtain diffesergles of braces inclination,
the lattice girder with the same span of 12.0 m warsed in terms of heights,
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which were successively 1.70 m, 1.40 m and 1.1@amresponding angles of
braces inclination to the bottom chord weré, @, 48. The truss was loaded
with concentrated forces from the standard loadadq@dsnow, wind loads) in the
joints of the top chord. As the sections of the & bottom chord, circular
hollow sections RO 88,9x5 mm were assumed, whith@sraces RO 57x4 mm.
The thickness of the rib plate was taken equal tons The girder schema for
variant | is shown in Fig. 6. The joint adopted &oralysis is marked with the
letter "A". The joint model, which was used for tREM analysis is shown
in Fig. 7.

Fig. 6. Analyzed truss and the designation of tieyaed joint

49,59|<N’\
i ‘/53,14KN

86,77kN 138,86kN

o
\

Fig. 7. Analyzed join modeled in the FEM analysisgram

The same material parameters were adopted for ach Both truss
chords, braces, ribs and welds were modeled fro8b Sgel, which has a yield
strength of 235 MPa and Young's modulus of @@ MPa. The material was
defined as Bilinear Isotropic Hardening”

The mesh density of the analyzed joint was 5 mnilewh order to achieve
more accurate results, the mesh was thickened @rmu® mm near the welds.
In order to facilitate computer analysis, threeidsolof welds were modeled
which were not connected to each other. At the stime, their length is as
large as possible.
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Additionally, in order to obtain a more accurateage of stresses not only
outside the joint, but also inside it, it was deddo cut the joint along the axis of
symmetry of the bottom chord in the plane of thesgr The model of the joint
together with the mesh of finite elements and thiEls of the welds is shown in
Fig. 8. The main object of the analysis was thelwehnecting the brace with the
bottom chord. In addition to the three height vatseof the truss, each joint was
modeled with three variants of weld thickness sssigely: 4 mm, 3 mm, 2 mm.
In the model connections between the bottom choddkaaces and the rib was
defined as sliding with a coefficient of frictiorf .15, while the remaining
connections, between welds and individual elemevese defined as bonded.
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Fig. 8. View of the meshed joint with the welds

Computer analysis was carried out in a programguBieM type analysis.
After the joints modeling, they were loaded witmcentrated forces occurring
in a given truss joint. In the figures below (Fegto 14) the results of von Mises
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Fig. 9. Stress in the joint for the angle of @d welds 4 mm
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stresses for the truss of%6énd 48, as well as for the thickness of welds 4 mm
and 2 mm were presented.
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Fig. 10. Stress in the joint for the angle of 84d welds 4 mm
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Fig. 11. Stress in the joint for the angle of 48d welds 4 mm
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Fig. 12. Stress in the joint for the angle of @ad welds 2 mm
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Fig. 13. Stress in the joint for the angle of &4d welds 2 mm
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Fig. 14. Stress in the joints for the angle of 48d welds 2 mm

3. Conclusions

After analyzing the test results, it can be conetuthat the distribution of
stresses in the welds connecting the braces wétlthbrd varies and depends on
the angle of inclination of the braces in relatiorthe chord and the thickness of
the weld. In the case of an angle< 60°, the greatest stresses in the welds
connecting the brace with the chord can be obsénviik groove weld located on
the side of the obtuse angle, near the place dfithaate. Stress values decrease
in the longitudinal weld together with the distarican the rib plate, in order to
reach its minimum on the opposite side of the hragein the transverse weld on
the side of the acute angle. A smaller variationthia stress values in both
transverse joints occurs in the case of aghi#48°. The transverse weld located
on the side of the acute angle more effectivelysiers stresses from the brace to
the chord.

This is especially evident in the case of weldshwétthickness of 2 mm
because a greater role in the transfer of strggagsorizontal welds connecting
the brace with the chord. Increasing the thickrefsaelds to 4 mm disturbs
slightly the described stress distribution in theldg, causing that the greater
part of the transferred force falls on the vertiwalds connecting the brace with
the rib.
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If the brace is compressed, it can be observedhkamnaximum stresses in
the longitudinal welds are shifted towards its carpart. However in the case of
tension brace the largest stresses can be obsergase proximity to the rib
plate.

These analyses indicate that not all welds joirtivegbrace members to the
chords carry the load in the same way. On the lHs®mputer analyzes it is
impossible to determine exactly which sections efds are fully effective and
which transfer only a small load. This is espegialifficult in the case of
longitudinal welds. However, the calculations irsdécthat the standard assessment
of stresses in welds of hollow section joints iy@pproximate and does not fully
reflect the actual distribution of stresses inwedds, which confirms the earlier
studies of Packer and Henderson. To verify thekmiletions, experimental tests
should be carried out on real truss joints. Howetrer analysis will confirm that
the recommendations given in the literature regardhe calculation of welds’
resistance can be optimized and new computatiataliens can be introduced,
which however, are impossible to propose at theentistage of research.
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RESISTANCE OF TENSION BRACE IN PLUG &
PLAY N SHAPE RHS TRUSS CONNECTION

The paper presents concept of RHS truss with N-shapeections in the plug &
play form, made in non-welded technology. The pdoce of calculating the
resistance of tension brace truss connection wasepted, using the component
method. The results of obtained resistance of wad compared with the tension
bracing RHS strut resistance and the usefulnestieoicbncept considered was
determined.

Keywords: steel truss N shape RHS joints, non-welded pluggponnections

1. Introduction

The subject of the paper is a new plug & play cotioe in application to
a steel truss made of rectangular hollow sectiddHSR The resistance of such
a joint was the subject of previous works [2 andIB]this paper, a study was
carried out on the resistance modified in relatithe tension brace shown in [2].

The use of modern 3D laser cutting technology kesabasy and precise
cutting in steel elements, here closed RHS profodéspenings of any and often
very complex shapes.

It was an inspiration to develop plug & play nonlaesl joints. Tests of this
type of joints were previously presented in [2 &3id where forces were
transferred only by bearing and shearing stressd®ei elements in contact with
each other, the key (bracing elements) and the(loales in the truss chord).

For this purpose, a "lock" was made in the truszathin which a "key" strut

was inserted. A tension brace made of double jbatds attached to the chord.
It covering the chord on both sides and it is fixedhe chord with a bolt. This
solution led to a quick ovalization of the holetire RHS profile of the chord.
To remedy this, a steel square bar was placed uhdehord, see Fig. 1 [5].

1 Corresponding author: Department of Building Streesuand Architecture, Faculty of Civil and
Environmental Engineering, Biatystok University ofechnology, tel. 603641235; e-mail:
jerzy.szlendak@gmail.com

2 Department of Building Structures, Faculty of Cifdhgineering and Architecture, Rzeszow
University of Technology, tel. 692160551; e-madrianszp@gmail.com
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This bar has significantly reduced the ovalizatanthe hole in the side
walls of the chord, because the load is also tesiresfl by the stress to the lower
RHS chord face plate with a much larger contact #van previously.

The combination of this type eliminates the needvields in the joint.
The publications [3 and 4] present the resultsxpieemental research, as well
as the theoretical estimation of the resistancaagpof T-shape truss joints,
made of RHS profiles, in non-welded technologyhe plug & play form [3].
The theoretical resistance, calculated by mearsdsveloped yield lines model
with experimental studies, was also compared [4].

Fig. 1. Plug & play N-shape connection, 3D modégl [5

In this paper, a modified concept of connecting tdwesion brace to the
chord in the N-shape connection was considered tdiwon brace is made not
from flat bars as before [5], but from the RHS peoith special "teeth” and
meshes against the chord walls. A "lock" is madehm truss chord, which
allows inserting a "key" or a tension brace intoTihe vertical strut is also
inserted in the "lock” made in the chord, but after tension brace is mounted,
which causes it to jam in the connection. The corion of this type eliminates
the need to use welds to connect the bracing wighchord, In concept No. I,
Fig. 2, the resistance of the lock was small. Big,was improved by developing
concept no. Il, where the surface of the "teeths wlaanged, which allowed the
increase of the resistance of the connection. Therse of such a solution is
shown in Fig.3.
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Vertical Tension

Fig. 2. Concept no. | —plug & play N-shape conrmettBD model

Structures made in non-welded technology can be wssecessfully in
construction, for example for production faciliti@grehouses, etc. Easy transport
of this type of construction in single elementsowl for the construction of
permanent or temporary halls. Due to the lack ofma@ent connections between
the elements, such structure can be dismantledeasdembled elsewhere.
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Vertical Tension

Fig. 3. Concept no Il — plug & play N-shape coniwett3D model

2. Theoretical estimation of the resistance of termn brace

The resistance of the tension brace connection i chord was
calculated using the component method. The theatethodel of failure was
presented (model | - upper connection, modeldwdr connection). The tension
brace loaded with axial force N, distributed ovee horizontal N and vertical
N, components, the load diagram and the theoretlaakpof failure was shown
in Figure 4. Also, the 3D model of the tested tendirace made of RHS where
the contact of individual planes surfaces is in@idais shown in this Fig. It is
assumed that the element is deformation resistantgact).
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Nz

Plane of failure of the top -
connection ¢

Plane of failure of the bottom
connection,y

)\

Fig. 4. Tension brace side view and 3D view, whage: Ad1 — stress area perpendicular tofdice,
Ag2, Ad2 — stress area perpendicular tefdice, Ayz — area of failure of the top connection,
Auds,1— area of failure of the bottom connection (sulgddb tension),
Adsz2— area of failure of the bottom connection (sulgddb shear and tension)
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Fig. 6. Tension brace view — bottom connection
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2.1. Model | — tension brace top connection
2.1.1. Resistance of connection (,teeth”) to Herteontact stress
fon = 36% f, )
where:fgn— resistance of connection (Hertz contact stress),
fa — design resistance of steel according to PN-B3200.

So, the force on the stress surface is estimated as

e 2)
' 14

where Ag, — stress area perpendicular to the direction.dbite,
Aq2 —stress area perpendicular to the direction.dbide,
y—safety factor.

The resistance of the connection is calculatecelisvio

NN <40 )

z(x).9

2.1.2. Block tearing
Resistance of the connection subjected to sheateasibn is equal

N N 1
x 42 <10 N< . 4)
1, f,xAs f,xAg, cosa L, sina
V3 oy y 1 fXAs XA

3oy y

where fy— yield strength of steel,
f, — tensile strength of steel,
y— safety factor.

2.2. Model Il — tension brace bottom connection
2.2.1. Resistance of connection (,teeth”) to Herteontact stress
Proceedings is analogous to the procedure inJtl.2.

2.2.2. Block tearing

The condition of resistance of the connection stibgto shear and tension
is analogous to the procedure in pt. 2.1.2.
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Tensile strength of the connection is calculatededi®w

Ayay % f
NuRd=% (5)

where Ags1— area of the connection subjected to tension,
fu — tensile strength of steel,
y—safety factor.

Condition for the resistance of the connection eciijo tension

N

<10 - N<Nygg (6)

u,Rd

So, the total resistance of the bottom connectidsidck tearing

N < S ol )
cosa Ssina Y
+
1 fyxAy  fyxAg
J3oy y

where fy— yield strength of steel,
f, — tensile strength of steel,
y— safety factor,
a —the inclination angle of the tension brace to tbhazontal surface

2.3. Resistance of the connection

The connection resistance is equal to the sumeftdkistance on the top
and bottom connection, both on the x and z diractio

N0 = Nagg.gt Nagga (8)

where Ny« q— resistance of top connection,
Nzx),a— resistance of bottom connection.

2.4. Tension brace resistance [1]
Axf,
Ymo

(9)

N pira =

where A — tension brace cross-section area,
Mo — safety factor.
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3. Resistance calculations

The resistance of connection between the tensiaceband the chord was
compared with the resistance of the bracing prdRitS in order to assess the
efficiency of such connection. The cross-sectiontlod profiles and their
properties is presented below. Due to the lack xpleemental research and
reliable other data, a safety factor was assuryed.Q).

Table 1. Data of the considered tension brace

Geometric Yield Design resistance| Tensile
Concept| dimensions [mm] strength of steel strength a[°]
bxh t [MPa] [MPa] [kN]
Il 60x60 3 355 305 235 45

Results of the theoretical resistance of the coraptnand the tension brace

strut are shown in Table 2.

Resistance [kN]

Table 2. Results of resistance of particular comptmef the tension brace

Resistance condition Symbol Resistance [kN]
Block tearing connection A 198.4
Stress on x direction B 61.3
Stress on z direction C 849
Resistance of the tension brace strut D 235
900
800
700
600
500
400
300
200
100 I
0 ]
A B C D

Resistance condition

Fig. 7. Diagram of the resistance of the individe@inponents of the tension brace connection
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The connection is characterized by a high resistatac stress in the
z-direction (C) equal to 849 kN, due to the largetact area to the chord.
However, the resistance in the x-direction (B) rdyd61.3 kN, due to the small
wall thickness of RHS member, what decides aboat small contact area.
The resistance for block tearing (A) is satisfagtand it is equal to 198.4 kN
(sum bottom and top resistance of connection).

4. Summary

Follow the performed above calculations, it carctwecluded that:

— it is possible to eliminate the welding of the limgaconnections with the chord,

- resistance of the tension brace connection withctiwrd is highly variable
depending on the resistance of the individual camepts,

- the connection under consideration is charactetigeal high resistance to stress
in the z-direction, due to the large contact aahe chord. However, the
resistance in the x-direction is only 26% of theis&ance of the tension brace.
Another weak component was the top connection tieh chord, where the
resistance for block tearing is only 32% of thastasice of the tension brace.

Generally, after carrying out the above analyZes authors concluded that
presented here connection between the tension laradehe chord does not
offer great possibilities to obtain a significaesistancen the x-direction (B),
comparable to the resistance of the tension bragethat much bigger wall
thickness of RHS members is needed, which is noeéssary for the resistance
of chord and branch members.

So, the summarized conclusions from the advanteayes,especially the
disadvantages of the presented here N-shape camdetds to a new solution
of such joints, characterized by a much higherstasce of the contact stress
area. The results of the research of these newative connections will be
presented in the subsequent works of the authors.
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ON THE DESIGN OF A STEEL END-PLATE
BEAM-TO-COLUMN BOLTED JOINT
ACCORDING TO PN-EN 1993-1-8

Considering joints with unstiffened columns, thed@apacity of an inner bolt-row
being a part of bolts group defined by a flangeac#ty is directly proportional to
a distance between bolts. In turn, a flexibilitytbEé column flange in the inner
bolt-row area depends not only on that distanceaklsd on a flexibility of other
basic joint components. Hence, that situation magug when internal forces in
inner bolt-row will be greater than its capacitytimated as an equivalent of
T-stub. This possibility has been taken into actanrthe standard [3] — see the
rule in the point 6.2.4.2 (3). In practice, thigeris not implemented in calculations
of this kind of joints. In this work, a simplifiealgorithm of these joints calculation
as well as an example, where the need for forcectemh in the inner bolt-row to
the value of bolt resistance has occurred, wersepted. Moreover, the influence
of the aforementioned reduction on the joint séffa was estimated.

Keywords: component method, equivalent T-stub, joint cayaaitd stiffness

1. Introduction

In available publications in the field of bolteddeplate beam-to-column
joints calculation, e.g. [1], [2], it is recognizétat the load capacity of analysed
joint is sufficient, if the conditioM jeq< M jRrq introduced in point 6.2.7(1) of
standard [3] is fulfilled, what may result from theneral rule contained in the
point 6.1.3 (4) of this standard. However, in sfiegrovisions concerning the
capacity of an equivalent of T-stub in tension zensee point 6.2.4.2(3) —
additional requirements regarding the values ofdsrin each bolt-rows and in
groups of these rows are introduced.
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It is required that:

a)forces transferred by each bolt-row should not edcthe design resistance
determined considering only that individual bolwaand,

b)the total force of each bolt-rows group, comprige@ or more adjacent
bolt-rows within the same bolt-group, should noteed the design resistance
of that group of bolt-rows.

These provisions indicate the necessity of estonatie values of forces in
individual bolt rows and groups of rows, in orderdompare them with the
resistances of these rows and groups of rowselfdtces in some rows or group
of rows would be greater than their load capatiig, load capacity of the joint
should be reduced.

Such a case may occur in joint of a beam with astiffiened column
(Fig. 1a), when the load capacity of these joirdagermined by the resistance of
the column flange in tension zone.

a) b) c) d)
L - o
|
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Fig. 1. Joint of a beam with an unstiffened columnside view and section a-a,
b), ¢) and d) yield lines of a column flange

According to the standard [3], the model of thetdeesion of the unstiffened
column flange is assumed analogously to the modekquivalent T-stub,
considering the individual bolt rows and groupstluése rows. Bolt rows are
numbered starting from the most distant one froe ¢bntre of compression.
In case of unstiffened column flange, only one grofibolts with the $and next
rows may occur, while in case of the end plate e gnoups, one group above
a beam flange and the second one under that flarges, in a column with
an unstiffened web, group of rows 1-2, 1-2-3 or3-2 may occur, if the fourth row
is present, while group 2-3 or 2-3-4 does not addomever, such groups appear
for the modelling of end-plate with one row of lsgifaced above a beam flange.

The yield lines for an equivalent of T-stub flangethe column for the
non-circular mechanism of failure is presented ig. Bd. If a group of bolts,
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consisted of rowd-2 in joint with three rows is considered (see Fig), the
length of the equivalent of T-stub is bigger onyy(p: + p2)/2 from the effective
length for rowl of this group. Thus, there is a big differencetted effective
length values for bolts in rod and2 from a group of rows (compare Fig. 1b
and 1c). Analysis of these lengths indicates thatdesign resistance capacity of
the inner bolt rows of the bolt group is much serathan design resistance of
the end bolt-row and is directly proportional t@ tbffective length of the inner
row. In turn, the distribution of forces for inddual bolt rows is dependent on
the stiffness of all components of the joint - $8g. 2, on which only the
stiffness coefficients relevant to the rotatiortdfreess of the joint are shown.
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Fig. 2. Component model of joint with marking aghi]

For instance, decreasing of the effective lengttarofunstiffened column
flange in bending in the area of row 2 by 50% wailso decrease the load
capacity of this flange by 50%, but decreasinghefconnection stiffness in that
area does not exceed a dozen or so percent. Thigeigo the fact that the
flexibility of a joint in the area of the bolt-ro@ is the sum of the flexibility of
the joint components: column web in tension, coldlange in bending, end-plate
in bending, bolts in tension and, in addition, arewneb flexibility in the tensile
zone, which was omitted in the algorithm of thdfrstiss of joints calculation
given in standard [3] as a negligible value. It cdmrerefore, be concluded that
when the effective length of the column flange éméling in the area of the inner
rows is changed, the redistribution of internalcés in the connection will be
different than the variation of the load capacityhese rows, which means that
the internal bolts may be overloaded.

The presented analysis indicates that checkingahédition of the joint load
capacity in accordance with 6.2.7.1(1) in [8);ed < Mjrd Where Mjrqs — load
capacity according to 6.2.7.2 may not be sufficiSat in order to ensure the load-
bearing capacity of individual bolt rows, it is essary to fulfill the conditions
contained in point 6.2.4.2(3) of standards [3].

In the paper, the algorithm for calculating of amd-@late joint between
a beam and unstiffened column with three rows dfspavith an indication of
what components should be considered for individoab of bolts and groups of
rows, will be presented. In that algorithm, theursgments listed in point 6.2.4.2 (3)
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of standards [3] will be taken into account. THigoathm will be supplemented
with a numerical example, in which there will beneed to reduce the load
capacity of the joint due to the need to ensure#fety of bolt group 1-2.

The influence of earlier plasticization of the Tisflange (at lower values of
the bending moment in the frame girder) on thetimtal stiffness of the joint will
also be assessed.

2. Algorithm of beam-to-column joint load capacity estimating

Analyzed joint consists of compression zone, sizeae and tension zone.
The load-bearing capacity of the tension zone isgneater than the minimum
load capacity of the compression and shearing zohesording to [3], in the
compression zone are located: column web, web Emgd of a frame girder
(beam) or flange and web of a haunch, and the stueer consists of a web of
a column. In the tension zone is located: columb,veelumn flange, end-plate
with bolts and web of the frame girder. In genetta, way of estimation the joint
load capacity according to the standard involvesrdgning the minimum design
resistance of the joint parts in tension and inaskand then determining the
minimum design resistance of each bolt-row as iddal as well as a part of
a group of them. Next, the sum of obtained desggistances in the rows from 1
tor is compared with the minimum load capacity of jthiet parts in tension zone
and in the compression zone. If this sum is gretitan the minimum load
capacity of the tension zone and compression zbedpad capacity of the row
is reduced. The second stage is to determine thé @@pacity of the joint
according to the standard formula (6.23) [3]. la third stage, the values of forces
in each bolt rows are determined, e.g. by use @fefastic model as in Fig. 2.
Then, the obtained values of forces are compareéddimidual bolt rows and in
bolt-row groups. In the case when the forces inrtives or groups of rows are
greater than their design resistances, the caéclllaad capacity of the joint is
proportionally reduced.

Details of the algorithm are given in Table 1.

Table 1. Details of algorithm of beam-to-colummijagalculation

Design resistance of basic components in compmessid shear

Column web panel Column web in Beam flange and wep
in shear transverse compression in compression

Fc,v,min,Rd =
I I
V / ' I I
' wp,Rd IB I i i
miny F.ycrd | ! |
I I I

Fc fhRd

VapRd Fewvcrm Fe.pd

Vinra!/ B acc. 6.2.6.1  F ,.rq acc. 6.2.6.2| F. gy acc. 6.2.6.7
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Table 1. (cont.) Details of algorithm of beam-tderon joint calculation

Algorithm of the design resistance of the bolt-rbgetermination

Column web Column flange

in transverse tension| in transverse bending

Fara = —— ——
1 1 1

End-plate in bending

Ftl.. wg Rd
ming Fy crd

F\Lede

acc. 6.2.7.2(6 =
©) Fawera aCC. 6.2.6.3 | Fy g acC. 6.2.6.4 | Fyprq acc. 6.2.6.5

Ftl..Rd < Fc,v,min,Rd

Design resistance of individual bolt-rd@v

Limiting the design resistance due to the compoesand shear of the joint parts, acc. 6.2.7.2(7)

Column web in Column flange in | End-plate in| Beam web in
= transverse tension| transverse bending bending tension
t2,Rd,ind . [y—p— ———

FQ,chd .t2 p | 2 ' 2 |

F | |
— min 12, foRd I :

FQ,ede | !

F 2 wrd —— ___
acc. 6.2.7.2(6) Fo.werd Fo, tcrd F 2 epra Fo whrd

acc. 6.2.6.3 acc. 6.2.6.4 acc. 6.2.6.5 acc.6.2.6.8
Limiting the design resistance due to compressi@ghshear of the joint parts
Farding < Feyminrd = Fara:
Design resistance of rovas a part of group of bolt rovis2
Column web in transverse tension  Column flangeangverse bendin
1 Y

Firord E b~ z |

Foo |
= min t1-2,wgRd I

Ft1—2, foRd

F1-2 wera @CC. 6.2.6.3 Fi 2 tcra @CC. 6.2.6.4

Limiting the design resistance of the bolt-row doielesign resistance of the group of bolt-ro
according t0 6.2.7.2(8Fp rg = MiN(F g raind» Frora,group  WHEre Fio g group = Fii-2.rd ~ Faira-

Ifin connections exposed to dynamic actions abdationsF, ., > 1.9F,, .,

then Fy, rq < Fyrg hy/hy -acc. 6.2.7.2 (9) +NAS.
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Table 1. (cont.) Details of algorithm of beam-tderon joint calculation

Design resistance of individual bolt-r&v

Column web in Column flange in| End-plate in | Beam web in
transverse tension| transverse bending bending tension
F rdind - - - =
Fewerd 3 | 3 : 3 : 3 |
| | I |
. 13, fcRd | | | |
=min I I I I
FG,ede | | [ |
F & whrd =N - e ="
B, weRd Fts, fgRd FB,ede FB,WhRd
acc. 6.2.6.3 acc. 6.2.6.4 acc. 6.2.6.5| acc.6.2.6.8
Limiting of the bolt-row resistance due to compaisaén bending and shear
Fard < Feyminra = (Fora t Fizra) - @cc. 6.2.7.2(7).
Design resistance of ro®/as a part of group of rowis— 3and2 — 3
Column web in Column flange in| End-plate in | Beam web in
Fiirsra = transverse tension| transverse bending bending tension
. Fﬂ—S weRd T ] __I_ o o
min ' i 2 i 2 i 2 i
{Fn-s, | : o . T T
I | | !
Fi2-3ra = | | | I
min Fi2-3 eprd i ——= ——= -
Ft 2-3whRd Ftl—s, we,Rd Ft1—3, fgRd Ft 2-3,epRd Ft 2-3,whRd
acc. 6.2.6.3 acc. 6.2.6.4 acc. 6.2.6.5| acc.6.2.6.8

Limiting of resistance due to resistance of theugrof rows — acc. 6.2.7.2(8)
FtS,Rd = mm(FG,Rd,ind ’ Ft3,Rd,group,cv Ft3,Rd,group,b)v
where Figrg group.c = Fri-ard ~(Fard ¥ Fizrd )+ Fiardgroupp = Frz-3rd ~ Fira-

If in connections exposed to dynamic actions abdations
Fara > 19F, rq, where x= 1.2t0 Fzpy < Fypg s/ h, - acc. 6.2.7.2 (9) +NA.5.

Design bending resistanig rd acc. to formula (6.25)

Stiffness coefficients of the joint basic composen@cc. to point 6.3.
Values of forces in each bolt-romifd)
may be calculated e.g. using the model shown inZFEig
The requirements contained in point 6.2.4.2(3pajitted in algorithms:
If Nigq > Firaings thenW =Fypqing/Nigq fori=123

The requirements contained in point. 6.2.4.2(3phjitted in algorithms

If iNide >Fyrre thenw,,, = Ftl_r/iNide for r = 2,3 - for group of column flange.
i=1 i=1

3 3
If > Nirg>Fio-3re thenws =F, 3/ > N, g4 - for end-plate
i=2 i=2

If w <10,then w,, =min(w)for i= 1, by 1,to 6 and

M | rdred = Whin (M ra-
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3. Calculation example

As an example, a joint in frame that was made &5Seel, with end-plate
bolted connection category E between IPE 500 aridneo HE 300 B with
geometrical characteristics as in Fig. 3, was setec

Iz

300 55 laog 59
19 R 43 55, 55 49
L
[ = 414 ]
I —— i — Jrzm——g 3
[ ! el 0l 5
- ] 4 |
. g
FEoan  § i Ny e s =
L e - o
| t)I_.l L; I||I:I.£' B
[ I
I - | + |+
| B -
| naw f = l
[ e [T
HE| 3008 o, |
| = = /’%‘Z:Eﬁ —r—
u_ L1 o - L8 ___

Fig. 3. Analyzed beam-to column joint with bolts G420.9

The obtained results of calculations are presentéable 2.

Table 2. Design resistance of a joint without reitucresulting from the rule in point 6.2.4.2 (3)

Design resistance of joint basic components in gesgion and in shear

Column web Column web in Beam flange and
Viprd! B : , . .
T panel in sheartransverse compressionwveb in compressiorn
Fouminga = MM F cera 579.4 kN 588.1 kN 068 kN
F ¢ trd
=579.4 kN pr,Rd 1B chqu Fq faRd
Algorithm of the design resistance of the bolt-rbadetermination
F Column web in Column flange in End-plate
o fweRd transverse tension transverse bending in bending
Furg =MiN< Fy tcra
= 411.0 kN 266.5 kN 264.3 kN
1, epRd
=264.3 kN F g werd Fa fora F ¢ epra

There is no need to limit the resistance due tat jgomponents in bending and shear

Forg = 2643kN<F

¢y min,Rd

= 5794kN
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Table 2. (cont.) Resistance of a joint without reaurcresulting from the rule in point 6.2.4.2 (3)

Design resistance of individual bolt-rév

F o werd Column web in | Column flange in| End-plate | Beam web
= ’ transverse tensigntransverse bending in bending| in tension
_ . 12, fgRd
Fioraing =MiN F o enra 411.0 kN 266.5 kN 323.1 kN  624.2 kN
F|2 whRd
' F F F F
=266.5 kN 2,wgRd 2, fgRd ©2,epRd 2,whRd

There is no need to limit the load capacity dupitt components in bending and shear
Firaing = 266.5kN <5794 -264.3=315.1kN
Resistance of ro® as a part of a the group of rol2

Column web in transverse Column flange in transverse
Firprg =Min Fir2,wero tension bending
' Fu2 fora 506.6 kN 348.5 kN
= 3485 kN Fi2,weRd Fuaz, cra

Limiting of the row resistance due to the resistaotthe group of rows:

w2.rd.group — 3485 —2643 = 842kN, F,py = min(266 .5,81.2) = 842kN
Connection is not exposed to dynamic actions abchtibns.
Design resistance of individual ra3v

F

F g.werd Column web in | Column flange in| End-plate | Beam web
E ’ transverse tensigntransverse bending in bending| in tension
_ . 13, fgRd
Farding = MiN F g era 411.0 kN 266.5 kN 303.7kN  537.6 kN
F & whrd
- 266.5 kN‘ Fg werd Fa crd F g epra Fg whrd

Limiting of the resistance due to components indiregnand shear:
Ftard< 579.4-(264.3+84.2)= 230.9 kiHenceFz rda= 230.9 kN.

Design resistance of ro®vas a part of group—3 and 2 — 3
Column web in | Column flange in| End-plate | Beam web

o F\l—S,wqu . . . . . .
Fu-3rg = Min F transverse tensigntransverse bendingin bending| in tension
-3, fgRd
=569.2 kN 688.1 kN 569.2 538.0 kN]  768.0 kN
. F12—3, Rd
s = mln{ . F F F F
t2-3,whRd t1-3,wgRd -3, fgRd t2-3,epRd t2-3,whRd
=538.0 kKN

Limiting of the resistance due to the resistancgrotip of row — acc. 6.2.7.2(8)
=5692 - 364.3+ 842) = 220.7kN, Fyry goupr = D380 842 =4538kN
Fere = Min(230.9,220.7,453.8)= 220.7 kN

Design resistance of a joint in bending

M rg = 3 Furg [0, = 264 300526+ 842010442+ 2207 (0382 = 260 54kNm

r

F

t3,Rd, group,c
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Table 2. (cont.) Resistance of a joint without reaurcresulting from the rule in point 6.2.4.2 (3)

Stiffness coefficient of the basic joint components

Component Stiffness coefficiept 1 BoIt-2row 3

Column web in transverse tension k3- 1C[m] 4.620 2,116 4.267

Column flange in transverse bending ks- 1C[m] 44.683 20.466 41.272

Beam web in tension ks: 1CF[m] 25.129 17.328| 13.810Q

Bolts in tension kio: 1 [m] 6.374 6.374 6.374

The effective stiffness coefficient Kefr, - LGP [m] 2.296 1.359 2.050
The equivalent lever arm Zeq[M] 0.463
Column web panel in shear ki- 1 [m] 3.894
Column web in compression k- 1P [m] 8.655

Bolt forces calculated according to the model dSign 2 forMed = Mjrd= 260,5 kN

and design resistances of bolts

Bolt-rows Force [KN] Design resistance [kN] Wi
1 173.9 264.3
2 247.7 266.5
3 155.9 230.9
1-2 173.9+247.7 = 421.6 348.5 0.827
1-3 421.6+155.9 =577.5 569.2 0.986
2-3 247.7+155.9 = 403.6 538.0

w,, = 0827

min

M | rgreq = 082712605 = 2155kNm

Using the standard formula (6.27) in [3], the efffef the joint load capacity
reduction on its stiffnes§ was evaluated. The stiffness ratigiven in formulas
(6.28a) and (6.28b) was taken into account. Obthiesults in the form of the
M - grelationship, where = M/S is shown in Fig. 4.

After load capacity reduction, a secant stiffn§sef analysed joint under

load M = 2/3Vi;rais equal

. . 300
to 60% of its stiffness M
calculated without that 250 ="
reduction. .-
200 A - -;’/
213 M ; gy - -
150
-—-1
100 7
50 A
& J03
a T T T T 1
a 2 4 -] 8 10

Fig. 4. Relationship - @: 1 — forMjrd, 2 — forM;Rrdred
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4. Concluding remarks

In this work, the algorithm for calculating of arjb between the beam and
unstiffened column with end-plate and three rowalifs, with an indication on the
components for each row of bolts and groups of bmits which should be
considered, was described. In this regard, manjlabl@ examples are not in
compliance with the requirements contained inlf8ksuch a joint, other groups of
bolt rows for the column flange than for the enatglshould be considered.
According to the standard [3], groups of rows stgrfrom the row most distant
from the compression zone are taken into accounerefore, in a flange of
an unstiffened column the groups of rows 1-2, 1-2t8. may occur, whereas in
extended end-plate it would be the row of bolt @thabove upper flange of a beam
and group of rows 2-3. So, in the case of an dieséfl column flange, the group of
bolt rows 2-3 cannot be considered. Such a grollpowegur only in a joint with
a stiffened column.

A calculation example of a beam-to-column joint vadso presented. It was
demonstrated that in joint under the load equ#dad capacityM;rq derived from
the formula (6.25) in [3] it may happen, that tbad capacity of the column flange
is exceeded in the area of the group of bolt ro@s Hor this reason, the reduction
of this capacity is necessary as follows from thiets.2.4.2 (3) in the standard [3].

In the presented example, forces in each bolt mweve estimated on the basis
of a linear model using stiffness coefficients a@ddpn the standard [3]. This way
of calculation may be easily applied by a desigimeorder to better understanding
of the state of forces and deformations in a joina beam with an unstiffened
column, it would be advisable to make a model qbiat by using the finite
element method and to determine the values of fheses using elastic, elastically
plastic and plastic models, e.g. as in [4]. Thesdyaes would allow estimating the
accuracy of simplified models and their suitabifity design purposes.
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Zdzistaw PISAREK'

APPROXIMATED METHOD FOR DETERMINING
MOMENT RESISTANCE AND STIFFNESS

OF BOLTED BEAM TO COLUMN JOINTS MADE
WITH ANGLE WEB AND FLANGE CLEATS

Bolted beam to column joints with angle cleats are often used in braced and unbraced
steel frame structures. It is related to their simple technology which does not require
expensive welding process. Works on the estimation of moment resistance and
stiffhess of such connections were already carried out in the 1930s. However, the lack
of appropriate computational tools forced researchers to introduce simplifications and
some assumptions in determining the strength of a joint in a complex load condition.
Currently, computing techniques allow for taking into account the actual resistance
and stiffness of connections at the stage of global static analysis of the structure.
Advanced computer methods as well as applied analytical models allow for a fairly
precise determination of the parameters of this type of joints. However, these methods,
due to their complexity, are quite time-consuming and labor-intensive, and they are
suitable for verification of resistance of the connection or analysis of the structure in
the final design phase. The paper presents simplified formulas for calculating the
moment resistance and rotational stiffhess of the beams to column joints with the use
of angle sections connecting both the flanges and the web of the beam. An outline of
the component method for determining the moment resistance and stiffness of such
connections is also presented. The analysis of the influence of individual components
of the joint on its global resistance and stiffness was conducted. The presented
formulas, developed on the basis of the component method, preferred by Eurocode 3,
can be used in the preliminary determination of the characteristics of the joints, used in
the global structure analysis.

Keywords: bolted joint with angle web and flange cleats, moment resistance,
stiffness, joint characteristics, simplified formula, component method

1. Introduction

Bolted beam to column joints with angle cleats (Fig. 1) are often used in
steel frame structures. It is related to their simple technology (fast assembly, lack
of the expensive welding processes), and the possibility of easy rectification of
executive deviations.

! Corresponding author: Zdzistaw Pisarek, Rzeszow University of Technology, The Faculty of Civil
and Environmental Engineering and Architecture, ul. Poznanska 2, 35-959 Rzeszow; tel. 178651615;
pisarzdz@prz.edu.pl
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Fig. 1. Angle cleats joint; a) flange angle cleats connection, b) web angle cleats connection, c) flange
and web angle cleats connection

Connections of this type are widely used in the USA and Great Britain [1-4]
as a natural transition from riveted joints. Angle cleats are also often used to
reinforce joints in existing structures, especially in places where welded processes
are avoided due to fire reasons. Beam to column joints with using angle cleats
connecting the beam web are treated as nominally pined connections,
transferring only shear force from the beam to the column [5]. The bending
moment created as a result of the eccentric application of this force, causing
twisting angles, due to the small value was neglected. Similarly, in bolted beam
to column joints using the web and flange angle cleats, it is assumed that the
bending moment carries the angle cleats connecting flanges of the beam,
whereas the angle cleat connecting the beam web only transmit shear force.

Experimental tests show that the
moment resistance of the joint using
angle cleats connecting both the kNm]
flanges and beam web is greater by 8T
several dozen percent in relation to
the same joint using only angle cleats
connecting only the beam flanges [6] 60l

(Fig. 2).

70+

501

401

30T

20+

10

r- -+ + 4  rofation
0 1 2 3 4 5 6 7 8 9[mrad

Fig. 2. Moment rotation characteristics for angle cleats joint, based on [6]
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2. Moment resistance bolted joints with angle web and flange
cleats

The analytical model for calculation characteristics of the joints, introduced
in [7], is based on the component method. In this method, the whole connection
is composed of basic components. Moment resistance of the joint is based
on the lowest resistance of the joint components. In the case of a joint using
angle flange cleats only, only the compression zone relative to the bottom angle
cleat, the shear zone relating to the column web panel and the tension zone
relating to the upper beam angle cleat are distinguished [8]. In the case of
connection using angle cleats connecting the flanges and web of the beam, the
bolt rows joining the beam web are considered as successive bolt rows in the
tensile zone [9]. In addition, some basic components are considered for the
individual bolt row and as part of the group of the bolt rows. The list of basic
components for individual bolt row is shown in figures 3 and 4.

First bolts row .
: top angle leg in bending Fy, zy1)
; top angle leg in bearing Fy,; zy)
column web in tension Fycrygy— /

top angle leg in tension Fy gy

top angle bolts in shear F, gy
column flange in tension Fy gy : #=H-6 top beam flange in bearing Fyy, gy
_____________ B=Re-f - - - - -
FETIPN beam web and flange in compression F 4 ¢4
1] bottom beam flange in bearing F ¢ o4
. — bottom angle bolts in shear F_ o4
column web panel in shear V,; c4

bottom angle leg in bearing F o4

column web in compression F . oy bottom angle leg in compression F, 4

Fig. 3. The basic components of the joint refer to the first bolt row (bolts connecting
the column flange with the top angle)

The design resistance of most components can be calculated according to
the principles presented in Eurocode [7]. Only, due to the dependence of the
collapse mechanism of the web angle cleats from its height, the strength of the
angle web cleats in bending are not directly presented in the Standard.

Angle flange cleats in bending can be treated as single T-stubs (Fig. 5).
The T-stub should be considered for each individual bolt row as well as for the
group of bolt rows. In each case, three possible types of failure are considered.
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Second bolts row

column web in tension Fy,. ryc1i2

column flange in tension Fy p(1.p,]

column web in tension Fy.rae 1

column flange in tension Fy. gyp, ]

column web panel in shear V,, g4 A

column web in compression Fy,,gg

web angles leg in tension Fy,, g
web angles leg in bearing F,, . ry2
beam web in tension Fy, oy

beam web in bearing F, .. oo

Third bolts row

column web in tension Fy. py1:2:24

column web in tension Fy,.gq(.3
column web in tension Fy.rqa)

column flange in tension Fy s,

column flange in tension Fy o4 w//

column flange in tension F, gy

column web panel in shearvaﬂ/

column web in compression Fy, gy

web angles bolt in shear F,, gy

web angles in bending Fy,. zio

beain web and flange in compression F g, =4

bottom beam flange in bearing F . =y
bottom angle bolts in shear F,, o,

bottom angle leg in bearing F_; oy

bottom angle leg in compression F_, o,

web angles leg in tension Fy, pyo.s
web angles feg in bearing Fy ., pyo.)
beam web in tension Fy; pyo.s
beam web in bearing Fy,, ra:3)

web angles leg in tension Fy,, gy
web angles leg in bearing Fy,, . rys)

beam web in tension Fy; rqc

—
|
-t
=&
—
10

Fourth bolts row

column web in tension Fy. py14043:4)

column web in tension Fy, rypiaia)

column web in tension Fy,sraaes | ]

column web in tension Fy,. raw

column flange in tension Fy. pys.0iai471 |
column flange in tension Fy pyo.aum—1 ]
column flange in tension Fy gy.0 11
column flange in tension Fﬁc‘Rdm/f

column web panel in shear prﬂ/

column web in compression Fy,,zg

F:
!

beam web in bearing F,,.;, ryi3)

web angles bolt in shear F,,.. 43

web angles in bending Fy . gy,
-web angles in bending Fy,. g3

beam web and flange in compression F 4 =4

bottom beam flange in bearing F ¢ zq
bottom angle bolts in shear F, . o,

bottom angle leg in bearing F_;, o4

bottom angle leg in compression F__ o,

web angles leg in tension Fy,, gyo.5.4)
web angles leg in bearing Fy,., rypi3+4)

beam web in tension Fy; pyp.a:4)

beam web in bearing Fy, ryoia+4)
web angles leg in tension Fy, cya.4)
web angles feg in bearing Fy,., pyz:4)
beam web in tension Fy, rqe:4)
beam web in bearing Fy,u,raes)

r
|

J

/WQJ angles leg in tension Fy,. ey

web angles Teg in bearing Fy,., ryu

beam web in tension Fy, gy

beam web in bearing F,.,, RA(4)
web angles in bending Fy,, gyoia.4)

web angles in bending Fy , gyz.4)
web angles in bending F,. zya

web angles bolt in shear F.,, rqu

beai web and flange in compression F 4 <4

bottom beam flange in bearing F . 4

bottom angle bolts in shear F, 4

bottom angle leg in bearing F . oy

bottom angle leg in compression F_ ¢4

Fig. 4. The basic components of the joint refer to the second, third and fourth bolt row
(bolts connecting the column flange with the angle web cleats)
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With reference to the equivalent T-stub failing with complete yielding
mode, the resistance of the single bolt row correspondingly assumes that the
resistance of a couple web angles is equivalent, for each bolt row with the
parameter m’; (Fig. 5) [9].

. _3 tw
my =2 e (1)
[(mmax'hi)z ]2 Mmaxhi
twa'lwa twa'lwa

where: t,,, — thickness of legs of the angle web cleats,
Mynax — Maximum distance between angle leg and bolt axis,
l,yq — height of angle web cleats,
h; — lever arm i-bolt row.

eW
: =6
5 Pw
M g0 [ ¥ e
. Py
h a
In m—5-© e
| hs

F
Il

£
|
1

Fig. 5. Method of determining the parameters of the T-stub of the angle web cleats
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Fig. 6. Mechanical model for evaluating initial stiffhess of joint with flange and web angle cleats
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The initial stiffness of the joint is calculated on the basis of the mechanical
model. This procedure is able to account for all sources of deformations,
including the angle cleats, bolts, beam and column components. Mechanical
model to determine the initial stiffness of the joint with angle web and flanges
cleats is presented in figure 6.

3. Worked example

For the performance of the procedure, was presented a worked example.
This example illustrated beam to column joint with use angle web and flange
cleats (Fig. 7).

;=120

e=24 e=24
14 M16 kI 8.8 :
°®
A L80x80x10
mw‘m
L
L
- ¢_ -4/ - - |h,=240
ot ¢
=10,
Y
© i ©

Fig. 7. Geometrical details of joint for calculation example

Basic data:
Steel grade S275  f, = 275 N/mm?, f,, = 430 N/mm?, ¢ = 0,92
Beam IPE 240: W, ,,; = 367 - 10°mm3, A, = 39,1 - 10°mm?,
hy = 240 mm, by, = 120 mm, tr, = 9,8 mm,
twp = 6,2mm,r, = 15 mm.
Column HEB 180: W, ,,; = 481,4 - 103mm?3, A, = 65,3 - 10*>mm?,
h. =180 mm, b, = 180 mm, t;. = 14,0 mm,
twe = 8,5mm, ., = 15 mm.
Angle cleats L80x80x10: b, = 80 mm, t, = 10 mm, r, = 10,0 mm.
Bolts M16 class 8.8: 4, , = 201 mm?, 45, = 157 mm?.
Beam and column sections are in class 1.
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Design moment resistance of the joint.
e Column web panel in shear

For single-sided joint, the design plastic shear resistance of unstiffened
column web is obtained from:

V _ 0;9'fy,wc'Avc _ 0,9:275:2029
wp.Rd V3¥mo V31,0

= 289932N = 289,9kN )

where

Apye =Ac — 2+ betre + (bye +2°72) " tre =
65,3102 — —2- 180 - 14,0 + (8,5 + 2 - 15) - 14,0 = 2029 mm?
3)
e Column web panel in compression

wkyeberfewetwe fywe Wkye'Pbeffcwetwe fywe (4)

chc,Rd = and chc,Rd <

YMmo YMmo

effective width of column web in compression:

berrewe =2t +0,6-1,+5(trc+5s)= 2-10,0+ 0,6 -10,0 +
45 (14,0 + 15,0) = 171 mm (5)

Transformation parameter, for single-sided joint is equal § = 1,0, and reduction
factor for § = 1,0is w = w;
1 1

Wy = = = 0,774 (6)

171-8,5

b twe) 2 J 2
1+1.3-(7eff'c'wc wc) 1+1'3'( 2029 )

Ayc
If the maximum longitudinal compressive stress in column 0.pm g nNOt
exceed 0,7 * f), q, then reduction factor k. can be adopted as 1, then:

0,774+1,0-171-8,5:275

Fewe,ra = s =309377 N = 309,4 kN (7)

The reduction factor for web panel buckling p, is depending on the web
slenderness:

Ty _ . [beffewcdwefywe 171122275
Ap = 0,932 /—E'tfvc = 0,932 /—210.103_8'52 = 0,573 ()

dwe =he =2 (tre +7.) = 180 —2- (14,0 +150) =122mm  (9)

where:

if/Tp < 0,72 then p = 1, and finally: F.\yc g = 309,4 kN
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e Beam flange and web in compression

_ Mppg _ 100,910° _
Fcfb_Rd = ho—trn = 4008 438423 N = 438,4 kN

: Wy pi'fy 367:103-275
with M, =M = XY
b,Rd plLRd Yo 10

¢ Bottom angle leg in compression

=100,9 - 10 Nmm

lra'tfa'fya Plratfafya
Fca,Rd = Yo and Fca,Rd < Yoo

(10)

(11)

The reduction factor for angle leg buckling p, is depending on the

slenderness:

/Tp =0,932- M = 0,932 %03'2752 = 0,330
\I E'tf, \,210-10 10
if/Tp < 0,72 then p =1, and:

120-10,0-275

Feqra = = 330000 N = 330,0 kN

¢ Bolts in bottom angle leg in bearing

ki-ap fydtsg £ 2,03-0,741:430:16:10,0

Fcab,Rd =2 Yoz =2 125 = 165586 N =
= 165,6 kN
er 24
28-——17=28-—-1,7=2,03
where k; = min{ do 18 = 2,03
2,5
— & _ 40 _
(ag = a; =315 = 0741
ab=min fﬂ=@=186 =0,741
fua 430 !
\ 1,0
¢ Bolts in bottom beam flange in bearing
_ o kvapfudtsy 5 2,031,043011698 _ _
Fevfpra = 2 Yl:z =2 25 = 218993 N =
= 219,0 kN
er 24
28-——17=28-—-1,7=2,03
where k; = min{ do 18 = 2,03
2,5

(12)

(13)

(14)

(15)
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(g === = oo
3d, 318
ap, = min fﬂ=@=1,86 =10
fua 430
\ 1,0

¢ Bolts in shear

Shear plane passes through the unthreaded portion of the bolt

@y fupAvp _ - 06800201
YMz 1,25

Focara =2 = 154368 N = 154,4kN  (16)

o Column flange in bending
Tension resistance of the bolt:

0,9 fup'Asp _ 0,9:800-157

Fyp — 90432
F, pg = min YL e 1,25 =
tRd = et 72210.0- =
Byna = 06Tl tyfy _ 06T2410,0430 _ ey
’ YMm2 1,25
= 90432 N = 90,4 kN (17)
Parameter m = (py=twe=2087c) _ (72-85-20815) _ 19,75mm, and

2 2

= DetPr 180772 _ oprm bute < 1,25-m = 1,25 - 19,75 = 24,7mm

- 2 2

Effective length of equivalent T-stub:
- Circular patterns: leffep =2 m-m=2-1m-19,75 = 124mm

- Non — circular patterns:  lerrne =4-m+1,25-e=4-19,75+ 1,25
24,7 = 109,9mm,
0,25 leffme “the " fy  0,25-109,9-14,0% - 275
Ymo 1,0
The resistance of the column flange in bending is taken as minimum values
from three modes of failure.

= 1480902Nmm

My ra =

I( 4"Mpl,Rd _ 4-1480902 = 299930
m 19,75
F, = min{ 2:Mpyrat Y Ferq  2:1480902+24,7-2:90432 =
tfekd m+n - 19,75+24,7 = 167135
\ Y Fira = 290432 = 180864
= 167,1 kN (18)
e Column web panel in tension

Fowera = Wbesftwetwefywe _ 0774:109,9:8,5-275 _ 198834 N = 1988 kN

YMo 1,0

(19)
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¢ Bolts in top angle leg in bearing

Fopppg = 2- kvap fudtra _ 5 . 203:0741:43016:100 _ 165586 N =
’ YM2 1,25
= 165,6 kN (20)
ez _ 40
(g = 0. =318 = 0,741
where ap = min be — @ =186 = 0,741
fua 430
\ 1,0
o Bolts in top beam flange in bearing
Fonpopa =2 k1"xb);::2'd'tfb —9. 2,03-0,64-f-24l-530-16-9,8 — 141908 N =
= 1419 kN (21)
_ef—g _ 40-5 _
(ag = a. = 310 = 0648
where ap = min be — 800 =186 = 0,64‘8
fua 430
\ 1,0

¢ Bolts in shear
Shear resistance of the bolts in top flange is the same as in the bottom flange:
tha,Rd = Fvca,Rd = 154,4 kN

o Angle cleat in bending
The effective length of the angle flange cleats is taken as half of width of the

cleats, then l,ry = 60mm, value m for large gap m = e; —05-t, =40—-0,5-

10,0 == 35mm, and e = 40mm

0,25 lor -t f, 025-60-10,0%-275

M = = = 412500Nmm
P Yoo 10
I( 4Mled 4412500 _ 47142
Fiara = mm{ 2- Mled+nZFtrd 2:412500+40-2:90432 _ 107461 =
| m+n 35+40
k Y Frra = 2-90432 = 180864
= 47,1 kN (22)
o Angle cleat in tension
lfa)-/ta-fya _ 120-110;)0-275 — 330000
_ . Mo ’ —
Ftapa =min ((ra=2'do)ta'fua _ (120-2'18)-10,0430 _ 328364 328,4 kN

YM2 1,1

(23)
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Finally, the design resistance of the first bolt row:

Fi ra
= min (Vwp ra> Fewe,rar Fepp,rar Fearas Feab,ras Fevpv,rar Focaras Fpe,ras
Frwerar Frab ras Fevf ras Fota,ra» Frardr Fra,ra)

F ra = min (289,9; 309,4; 438,4; 330,0; 165,6; 219,0; 154,4; 167,1; 198,8;
165,6; 141,9; 154,4; 47,1; 328,4) = 47,1 kN

Second bolt row:
e Column flange in bending for first and second bolt rows
Effective length of equivalent T-stub:
- Circular patterns:
lefpep=2'm-m+2-p; =2-m-19,75+ 2105 = 334 mm
- Non — circular patterns:

legrnc=4-m+1,25-e+p1=4-19,75+1,25-24,7+105=214,9 mm

wherep1=%+el—p7w=2;ﬂ+40—12io=105mm

0,25 lorme " tic fy _ 0,25-214,9-14,02 - 275
Ymo 1,0

The resistance of the column flange in bending is taken as minimum values
from three modes of failure.

Mpl,Rd = = 2895778 Nmm

I( 4Mpird _ 42895778 _ cop0n
m 19,75
F, = min{ 2:MpLRat X Ferq _ 2:2895778+24,7-4-90432 =
tre(+2)Rd I m+n - 19,75+24,7 = 331299
\ Y Firq = 490432 = 361728
= 331,3kN 24)
e Column web panel in tension
F _ wbeffrwetwefywe  0,774:214,9-8,5:275
twc(1+2),Rd — Yo - 1,0 -
= 388802 N = 388,8 kN (25)
e Bolts in web angle leg in bearing
Fowap pa = -t Pete - 2OOTABIS 200 — 178637 N = 178,6 kN (26)
M2 ’
28-2_17=28-2-17=219
where k; = min{ do 18 =219
2,5
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=% _ 10 _
(aa = dy 315~ 0741

ap = min fub — 800 =1,86 = 0,741
fua 430
\ 1,0

e Bolts in beam web in bearing

kiap fuditywy _ 2,50,648430:166,2

Fewbpra == .r =55282N =553kN (27)
M2 )
hp—DPw 240-110
282 W _17=28-"—"-_17 =284
where ki = min{ 8 2:dg 7 8 2-18 7 =8, =25
2,5
__e—g _ 40-5
(ag = e "3 0,648
ab=min fﬂ=@=186 =0,64‘8
fua 430 !
\ 1,0

¢ Bolts in shear.
Shear resistance of the bolt in web is the same as in the flange:
Fvwa,Rd = Fvca,Rd = 154,4 kN

e Angle cleat in bending
Value of m for large gap my max =€ —05-t; =40—-0,5-10,0 =
35 mm, and e = 40mm.

my =2 fwa_ =2 199 =9,57mm (28)
[(mmax-hz)z ]5 Mmax-h2 [(35,0-180)2 ]5_35,0-180
twa'lwa twa'lwa 10,0160 10,0160
where hy = (hb+pzw+ta) _ (240+1120+10,0) — 180 mm
Effective length of equivalent T-stub:
- Circular patterns:
2-m-my,=2-1-957 = 60,1
lefrep = min{ o e T = 60,1mm
’ m-my,+2-e,=m-957+2-25=280,0
- Non — circular patterns:
leff,nc
—im { 4-my+125-¢ =4-957+125-12,0 = 533
2-m,+ 0,625 ¢ +e, = 29,57+ 0,625 12,0 + 25 = 51,6

=516 mm

0,25 lorr t5 " fy _0,25-51,6-10,0% - 275
Ymo 1,0

Mpl,Rd = = 354750Nmm
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I( 4"Mp\l,Rd _ 4-354750 — 148276
m, 9,57
Ftwa,Rd — min{ 2:-MpyRa+N Y Ferd _ 2:354750+12,0:2:90432 — 133513 =
| m+n 9,57+12,0
\ Y Frra = 2-90432 = 180864
= 133,5kN (29)
o Angle web cleats in tension
Frpard = leff2talya _ 5162100275 _ Hoa000n — 283.8kN (30)
! YMo lvO
e Beam web in tension
Fth'Rd _ lefrtwb'fyb _ 51,6:6,2:275 _ 87978N = 88.0kN 31)

YMo 1,0

Finally, the design resistance of the second bolt row:

Fora = min (Vi ra-Firas Fowera-F1ras Fera-F1ras Feara-F1ra; Feabra- F1ras
Fevpra-Fi ras Focara-Fi1ras Fyerds Fiferaci+2-F1ra5 Fiwerds Froveraa+2-F 1rds
Frvab,rds Fow,ras Fova,ras Fowvras Fovaras Fowa,ra)

Fira = min (289,9-47,1; 309,4-47,1; 438,4-47,1; 330,0-47,1; 165,6-47,1;
219,0-47,1; 154,4-47,1; 167,1; 331,3-47,1; 198,8; 388,8-47,1; 178.6;
55,3; 133,5; 88,0; 283,8; 154,4) = 55,3 kN

Third bolt row:

e Column flange in bending for first, second and third bolt rows
Effective length of equivalent T-stub:
- Circular patterns:
lefrep = 2:wm+2-(ptpy) = 2:m:19,75+2- (105+110) = 554 mm
- Non — circular patterns:
leftne = 4m+1,25-e+p1+pw=4-19,75+1,25-24,7+105+110=324,9 mm

0,25 lefpne " tfe " fy _ 0,25-324,9-14,0% - 275
Ymo 1,0

The resistance of the column flange in bending is taken as minimum values
from three modes of failure.

My pa = = 4378028 Nmm

( 4Mpira _ 44378028

I = 886689
m 19,75
F, = min{ 2:Mpra+WY Frrq _ 2:4378028+24,7-6:90432 =
tre(+2+3).Rd I m+n - 19,75+24,7 = 498494
\ Y Firq = 690432 = 542592
= 498,5 kN (32)
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e Column flange in bending for second and third bolt rows
Effective length of equivalent T-stub:
- Circular patterns:
lofrep= 2:mm+2-py, = 2:1-19,75+2:110 = 344 mm
- Non — circular patterns:
legtne=4m+1,25-e+p=4-19,75+1,25-24,7+110=219,9 mm

0,25 lofpme " tfe " fy _0,25-219,9-14,0% - 275
Ymo 1,0

The resistance of the column flange in bending is taken as minimum values
from three modes of failure.

Mpypa = = 2963152 Nmm

( 4'MpiRd __ 42963152

= 600132
m 19,75

2:MpiRa+ Y Frrq  2:2963152+24,7-4:90432 —
b 2= = 334330
m+n 19,75+24,7

. Fypq = 4+ 90432 = 361728
= 3343 kN (33)

|
Fire(i+2),ra = min{l

e Column web panel in tension for first, second and third bolt rows

F _ Wberrrwetwe fywe _ 0,774:324,98,5:275 _
twe(14+2+3),Rd — Ymo - 1.0 -

= 587817 N = 587,8 kN (34)

e Column web panel in tension for second and third bolt rows

F _ U)'beff,t,wc'twc'fywc _ 0,774:219,9-8,5:275 _
twc(2+3),Rd — Yo - 1.0 -

= 397849 N = 397,8 kN (35)

o Angle cleat in bending
m'y =2 fwa =3 199 =4,87mm (36)

1 2 1
(mmax-h3)2+3 2 mpaxhs (35,0-70 )2 2 35,070
twa'lwa twa'lwa 10,0160 10,0160

(hp—pw+ts) _ (240-110410,0)
2 2
Effective length of equivalent T-stub:

- Circular patterns:

where h; = 70 mm

2-m-m., =21 487 =306
lefrep = min{ s 4 = 30,6 mm

mTeoms+2-e,=m487+225=6523
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- Non — circular patterns:

leff,nc =

:min{ \ 4-m3+125-¢ =4-4,87+125-6,09 = 27,1 _
2-my+0,625-¢ +e, =2-487+ 0,625 6,09 + 25 = 38,5

=271mm

0,25 lorr " t5 " fy _0,25-27,1-10,0% - 275

M = = 186312Nmm
pLRd YMmo 1,0
I{ 4"Mp\l,Rd _ 4-186312 _ 153029
ms 4,87
Ftwa,Rd - min{ 2:-MpRa+N Y Ferd _ 2:186312+6,092:90432 _ 134497 =
| m+n 4,87+6,09
\ Y Frra = 290432 = 180864
= 134,5kN (37)
o Angle web cleats in tension
lofr2:ty .2:10.0
Fovard = eff Ztafya _ 27,1-2:10,0275 _ 149050N = 149, 0kN (38)
! YMo 1,0
e Beam web in tension
Fowppa = SLLwlob _ 27062278 _ 46205N = 46,2kN (39)
! YMo 1,0

Due to the fact that Y. l.sf = 51,6 + 27,1 = 78,7 mm < p,, = 110 mm,
the resistance of the components for the group of bolts is greater than for
individual bolts, so it can be omitted in the calculations. The shear and bearing
resistance of the bolts for third bolt row are the same as for the second bolt row.

Finally, the design resistance of the third bolt row:

Fsra = min (Vipra-Fi1ra-Fora; Fewera-Fira-Fora; Fora-F1ra-Fords Feara
Fira~Foras Feavra- Frra-Foras Fevpra-Fira-Foras Frcara-F1ra-F2ras
Fierizys Figeraa+2+3-F1rRai-Foras Figera+3-Faras Foverads Fiwerdav2+3)-

Firi-Fora; F rwc,Rd(2+3)-F 2rds Frwabras Fowvrds Fovards Fovrds Fiwards
F, vwa,Rd)

F3 pa = min (289,9-47,1-55,3; 309,4-47,1-55,3; 438,4-47,1-55,3; 330,0-47,1- -
55,3; 165,6-47,1-55,3; 219,0-47,1-55,3; 154,4-47,1-55,3; 167,1;
498,5-47,1-55,3; 334,3-55,3; 198,8; 587,8-47,1-55,3; 397,8-55,3;
178,6; 55,3; 134,5; 46,2; 149,0; 154,4) = 46,2 kN
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Moment resistance of the joint:

Mjrq =2 hy* Frpg =285-47,1+180-55,3 + 70+ 46,2 =
= 26600kNmm = 26,6 kNm.

Rotational stiffness of the joint.

e Column web panel in shear

0,384, _ 0,382029

= = =271
vwp B-hq 1,0:285 71 mm
e Column web panel in compression
0,7-befst 0,7-171-8,5
kewe = eff we = 8,34 mm

dwe 122
e Bolts in bottom flange in shear

k _16mpd®fyp _ 16:1-162-800
vea E-dpie 210-103-16

=098 mm

¢ Bolts in bottom angle cleat in bearing

24nykp ke -d- 241-1,25-0,938:16-430
keap = pkoke dfu = 0,92 mm
E 210-103

1,5¢t, _ 1,5:10,0
where k;, = 1,25, and k, = —2 = =0938<25
dmie 16
e Column web panel in tension
0,7 lefst 0,7109,9:8,5
ke = —LL2¢ = = 5,36 mm
dwe 122

o Column flange in bending

0,9lefft?.  0,9109,9-14,03
ke = — 1 = = 35,23 mm

m3 19,753

e Bolts in tension

_ 1,64y _ 16157
T oLy, 424

kep =592mm

where Ly=t;+,+2:4,40,5-(k+,)=14,0+10,0+2:3,0+0,5 (10,0+14,8) =

For first bolt row
e Top angle cleat in bending

0,9lesrtd  0,96010,03
=5 = am = L26mm

Kta

(40)

(41)

(42)

(43)

(44)

(45)

(46)

(47)

42,4 mm

(48)
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¢ Bolts in top angle cleat in bearing
_ 24mykpkedfy, | 2411,125:0,93816:430
kiap = = 510103 = 0,83 mm (49)
where  ky =22 40,5 = 2222405 = 1,125 < 1,25,
and k, = 2te = 15100 _ 938 < o 5
dmie 16
o Bolts in top beam flange in bearing
_ 24mykpkedf, | 241:1,047:091916:430
ktbfb = £ = 210-10° = 0,76 mm (50)
where k=252 40,5 =222 40,5 = 1,047 < 1,25,
1,5:¢ 59,
and k, = =22 =228 _ 9919 < 25
dMmie 16
For second bolt row
e Web angle cleats in bending
_ 09lefprtd  0,951,6110,03
Kewa = T 52,99 mm (51)
e Bolts in beam web in bearing
_ 24mykpkedf, _ 24051,047:0,58116:430
kewpp = - = 10107 = 0,24 mm (52)
where  k, = 1,047, and k, = 2wk = 1992 _ 9581 < 2,5
M16 16
For third bolt row
e Web angle cleats in bending
_ 09lepprtd  0,927,110,03
kiwa = YT I 211,17 mm (53)
Shear and bearing resistance are the same as for previous bolt rows.
Effective stiffness coefficient for first bolt row
1 1
kefflzzi: £ S S S SV S S
ki1 ktwc kepe kep kta Kvta Keab  Kebfb
1
= 1 1 1 1 1 1 — = 0,21 mm (54)

5,36+35,23 592 1,26 0,98 0,83 0,76

Effective lever arm for first bolt row

_ keppchitkessa(hptta/2)?  2,07:2852+0,23:(240+10,0/2)2
el ™ kosrchatkepsa(hp+ta/2) 2,07-285+0,23-(240+10,0/2)

= 281,5mm

h

(55)
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1 1
where kefrec=— —— =11 = 2,07mm,and
ktwe kepe kep 5,36 7,88 5,92
1 1
keff,a = T .1 1 1 _— T,1_.1_ 1 = 0,23 mm
kta kvta Keab Kebfb 1,26 0,98 0,83 0,76

Effective stiffness coefficient for second bolt row

_ 1 _ 1
keffz_zl_l.l.l.l.l.l.l_
T L L L L L
Kiz  kewe kepe ke ktwa Kvwa Kewbb  Kewab
1
= 1 1 1 1 1 1 — = 0,15mm (56)

536 7,88 592 52,99 0,98 0,24 0,83

Effective stiffness coefficient for third bolt row

keff3 =i ~"1T 1 1.1 1 1 1 _ =
T ae ae ae a ae
kiz  kewe Kepe ke Ktwa Kowa Kewbb  Kewab
1
= 1 T .1 1 1 _ 1 1 =0,15mm (57)

I

536 7,88 592 211,17 0,98 0,24 0,83

Equivalent lever arm

_ Ykefphf  0,21-281,5240,15:180240,15-702

Zog = = 230,1mm 58
€4 Tkeprihi 0,21:281,5+0,15:180+0,15-70 ’ (58)

Equivalent stiffness coefficient

_ Xkeffithi  0,21-281,5+0,15:180+0,15:70

keq = - o1 = 0,42 mm (59)
Finally, stiffness of the joint is equal:
S — E-zezf _ E-z3, _ 1210-1103530,1? __—
] N 1 1 1 i\ 46 L+ L 4 1
“Zki M.(kcivc+kva+kvca+kcab+keq) 10 (8,34—+2,71+0,98+0,92+0,4—2)
= 34233,9-10° ”r’:—;“ = 34233,9 kNm/rad. (60)

4. Proposed estimation of the resistance and stiffness of the joint

As can see in the example, the procedure of the calculating of moment
resistance and initial stiffness of the connection is labor-intensive and complicated.
Therefore, this method is used to check the characteristics of existing connections
or in computer programs. In the initial phase, designers need fast and approximated
methods to estimate the resistance and stiffness of the joints. In such cases
polynomial approximation functions are often used.

Design procedure shown that the moment resistance and initial stiffness are
depend on many different parameters both dependent and independent in relation
to himself. The influence of some of these parameters on the resistance and the
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stiffness of the connection is very similar to the joints with only flange angle cleats
introduced in [8].

In the case of joints with web and flange angle cleats, one of the additional
parameters is the length of the angle web cleat /.. The influence of length of the
angle web cleat on the resistance and the stiffness of the connection are introduced
on Fig. 8 and 9.

After analyzing dozens of different configurations of beam to column joints
with use of angle web and flange cleats was ascertained that on the resistance
and the stiffness the greatest influence had: the height of the beam #,, the depth
of the column /4., the length of flange of the angle cleats b,, the diameter of the
bolts d, length of the angle web cleat /,,, and geometric dimensions which usually
are variable dependent from the elements of the connection.

50 120
i i
40 | [kNm] X1’
[kNm/rad]
100
30
20 30
10
0 I, [mm)] 60 hyq [mm]
50 100 150 200 250 300 350 50 100 150 200 250 300 350

Fig. 8. Influence of length of the angle web cleat  Fig. 9. Influence of length of the angle web cleat
1,,, on moment resistance of the joint 1, on initial stiffness of the joint

For further analysis, typical design assumptions and constant values of the
following parameters were established:
- steel grade for all elements S275,
- bolts grade 8.8,
- bolts diameter for web and angle cleats is the same,
- column with HEB - section,
- beam with IPE - section,
- angle cleats and web cleats are made of the same sections,
- thickness of the angle leg is means thickness of accepted angle section,
- angle flange cleats length is equal to width of column flange,
- the spacing of the bolts is depended on connected elements according to
constructional recommendations,
- edge distance for angle web cleat is equal 1,2-d,.
- gap gis equal 5 mm.
As a variable parameters, the following joint properties were analyzed:
- beam height X1 = h, in range (200 + 450) [mm],
- column depth X = h. in range (100 + 300) [mm],
- length of flange of the angle cleats  x3 = b, in range ( 60 =+ 200) [mm],
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- bolt diameter
- length of the angle web cleat

x4 =d inrange ( 10 + 24) [mm], and
xs =1, in range (4,6-dp + d,) [mm].

To finding of the approximation function of was applied the theory of the
planning of the experiment [10], and the computer simulation. For determine of
characteristics of the joins, was adopted a plan the experiment of Hartley PS/DS-
P:Ha5 based at the range of variation on the hypercube, with the arrangement
showing in table 1.

Table 1. Planning of experiment for determination of the resistance and stiffness of the joint

212, | 2 | 2 | 25 X1 Xy: X3 X4 Xs: My S;ini
hy, h, b, d Lya [kKN-m] |[kN-m/rad]

1 [+1|+1|+1|+1|+1]| 450 300 200 24 379 103,18 145239
2 0-1|-1|+1[+1|+1] 200 100 200 24 159 - -

3 -1 |+1|-1]|-1|-1] 200 300 60 10 51 8,08 58962
4 |+1|-1|-1]-1]-1]| 450 100 60 10 51 22,65 126819
S5-1(+1]-1|+1[+1| 200 300 60 24 159 3,43 20213
6 |+1|-1]-1]|+1|+1]| 450 100 60 24 379 39,82 109450
7|+ [+1|+1|-1|-1] 450 300 200 10 51 33,78 117502
8 |-1|-1|+1|-1]|-1] 200 100 200 10 51 17,84 79079
9 | -1|+1|+1|+1]|-1] 200 300 200 24 120 16,41 16098
10| +1| -1 [+1|+1]|-1]| 450 100 200 24 120 63,40 109376
11| +1|[+1|-1|-1]|+1]| 450 300 60 10 379 27,13 131015
12 -1]-11]-1]-11{+1 200 100 60 10 159 11,06 42265
13 -1 [+1|+1]|-1|+1| 200 300 200 10 159 18,09 40379
14 |+1|-1|+1]|-1|+1| 450 100 200 10 379 33,78 100128
15|41 |+1| -1 [+1]-1 450 300 60 24 120 22,85 116191
16| -1|-1|-1|+1|-1| 200 100 60 24 120 3,43 28869
17|+11 00| 0|0 450 200 130 16 233 73,84 73177
18/-1{0|0]0]|0 200 200 130 16 120 15,79 24590
190 (+1[ 0| 0|0 330 300 130 16 177 54,32 40224
2000 (-1{0|0]O0 330 100 130 16 177 41,18 53243
21000 |+1| O[O 330 200 200 16 177 63,68 44586
2210(0(-110]0 330 200 60 16 177 25,36 60854
231000 |+1|0O 330 200 130 24 195 83,11 37264
241000 |-1]0 330 200 130 10 161 23,90 78301
25100 0|0 [+1| 330 200 130 16 271 55,61 47523
261000 |0]-1 330 200 130 16 83 50,85 67749
2710 (0[O0 | 0|0 330 200 130 16 177 53,23 47109

After analyzing with the overlay SOLVER of several variants of the
approximation function, the function giving the least square error was chose.
The resistance of the bolted beam to column joint with the use of angle web

flange cleats can be obtain from:

Mpy = 4,885 1073 - h2,636 . pO0%8 . 0508 . j0,534 . 0222

(61)
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The stiffness of the unstiffened joint can be obtained from:
Sjini = 4,528 1075 - h3°%% - pQ10% . p 0088 . g=0075 . 20031 1 30139 (62)
where: Mgy —in [KNm], S; i; - in [kNm/rad], and hy, h¢, bg, Lyg, d - in [mm].

The equations (55) and (56) refer to one-sided connections of the beam to
the unstiffened column. In the initial stage of the designing they can also be used
for other similar types of joints. After the achievement of calculations was
observed that in the investigated range of joints, the stiffening of the column has
not influence on the resistance of the joint, and only enlarges his stiffness.
The increase of stiffness of the joint, caused by the ribbing of the column, does not
exceed several dozen percent. So, it can be omitted in the preliminary analysis of
the joint. In case of two-sided joints, their resistance is the same as the moment
resistance of the cantilever joints. The initial stiffnes of two-sided stiffened joints
is such alone as stiffness of the stiffened cantilever joints. In case of two-sided not
stiffened joints the stiffness is comparable with the arithmetic mean of the stiffness
of cantilever stiffened and unstiffened joints.

5. Conclusion

The knowledge of the moment resistance and the initial stiffness of the joint
has a basic meaning in the initial stage of the designing, for choice of the suitable
method of analysis of the construction. Proposed in this paper, an approximation
formulas allowed on the preliminary estimation of the joint characteristics, without
the necessity of the usage of arduousness calculations according to the procedure
presented in [7].

Comparing results received according to the exact standard method, and
calculations by means of simplified formulas, differences did not exceed a dozen
percent.

For worked example introduced in the Section 3, from approximate formulas
the moment resistance amounts 25,7 [kNm] (26,6 [kKNm]), and the initial stiffness
39394 [kNm/rad] (34234 [kNm/rad]).
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CREDIBILITY OF FEM ANALYSIS IN THE T-STUB
MODELLING

The paper presents the results of a comparativgs@between numerical calculations
of T-stubs of the '8 stage of FEM models hierarchical validation arel iésults of
laboratory tests. The procedure for the developiwietite material characteristics used
in numerical calculations of FEM models is presénf€he scope of this article
allows determining the non-linear characteristitthe T-stub which maps the work
of the end-plate joint of the beam to the columnhi@& tensile zone. The results of
laboratory tests of a series of T-stubs made tddqgirofiles (HEB240, HEA240) and
of welded profiles (thickness of end-plate=t12 mm andpt= 20 mm) have been
presented. The principles of shaping the geoméfiecdures of the FEM model of
end-plate joints of the T-stub type are given, aittiticular emphasis on the shaping
of the bolt with a thread. The impact of the botetd on the accuracy of the obtained
results was assessed. The criterion of reliakilfithe obtained results with respect to
the maximum force in the bolt obtained on the bakigboratory tests in the axial
tensile test of the bolts in the configuration:tbakasher - nut was formulated.

Keywords: T-stub, rotation capacity, material ductility, nmistage hierarchical
validation, FEM modelling

1. Introduction

For a relatively long time, traditional steel coatiens have been considered
as afully rigid or ideally hinged, regardless ¢feit actual behavior. This
assumption considerably simplified the calculatfpocess and the expense of
unoptimized projects and higher production costddo produce construction
elements [1], [2]. Principles for the assessmenhefstructural elements behavior
have well-established methodology, allowing to duiee all the instability
effects and to assess the safety of local systesmgell as the whole structural
system [3]. In the case of joints, a similar leeélknowledge and the applied
methodology is not available, in particular in theea of response surface
prediction of rotation angle defined in the forntloé joint rotation curve Mp.

1 Corresponding author: Krzysztof Ostrowski, MTA Eregring Ltd., ul. Poniatowskiego 14, 35-026
Rzeszoéw, krzysztof.ostrowski@mta-online.net

2 Aleksander Koztowski, Rzeszow University of Tedagy, ul. Poznaska 2, kozlowsk@prz.edu.pl
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The behavior of steel structure joints is very chicaped and requires
consideration of many occurring phenomena includimaterial nonlinearities,
contact surface nonlinearities, local geometricgierfections, as well as complex
configurations of joints geometry. The difficultiase encounter in creating
analytical models describing the joints’ behavior the full scope of their
deformability is caused by the compilation of fasttaving their basis in the
phase shift of the plastic deformations initiatahindividual joint components.
There is an equilibrium path for each elementighatrt of the joint, which has its
own non-linear force-strain characteristicsA)FE3], [4]. This relationship causes
that the behavior of the joint subjected to loadh@ form of bending moment is
also characterized by non-linear behavior.

This non-linearity occurs because a joint is aentilbn of several components
which interact differently at different levels op@ied loads. Each non-linearity
regulates the behavior of the joint and is at thmes time an obstacle to the
systematic and theoretical solution to this prob[&in Analysis of this complex
behavior has a usually approximate character wile tise of drastic
simplifications. The tests (both laboratory and etinal) are often carried out in
order to obtain an actual answer, which is then eteatl by approximating the
solution by means of mathematical formulas, haviefgrence to the main
properties of the joint structure.

During the last decades, different approaches baga applied in the area of
assessment of the steel joints behavior. Extetisivature studies present a well-
developed methodology of experimental research [[@], [8] and developed
empirical [9], [10], analytical [11, 12], numericHl3], [14], [15], [16], [17] and
mechanical models [18]. After the introduction efrs-rigid connections concept,
many researchers have focused their efforts onratety predicting parameters
such as initial stiffness (&), moment resistance (&) and rotation capacity of
joints (@), to obtain the actual response surface of ratagiogle of joint Me.
Numerous research works dedicated to estimate tteagth and stiffness of
T-stubs connections (Zoetemeijer [19], Yee and Kkais [20]) contributed to the
creation of a new trend in the analysis of the bigiaf the bolted connections,
where a particular example of this approach isstivealled component method,
which was actually adopted as a calculation prageduwell-known regulatory
standards, such as Eurocode 3 [5, 21]. Componetitoohéncluded in PN-EN
1993-1-8 [22] is used to determine the moment ta@sie and stiffness of joints.
The wide application of the component method indbsign of joints was possible
due to the development of mechanical and spring elspdsupporting the
development of analytical and empirical models. Hasic principle of these
models is to divide the connection into simpler poments for which the
moment-rotation relation (M) of the whole bolted connection is determined by
assembling all individual responses of its comptsina spring system.

However, the procedures of the component methodotgrecisely define
the rules for determining the rotation capacityjahts in the full range of
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deformability. In a relatively large number of labtory tests conducted as part
of the research work on the behavior of joints,tteimum rotation anglep,)
was not focused on. In these tests, the initiabzmfrdeformation of the joint was
analyzed, which was associated with the deternunatf its initial stiffness Q.
The second determined test parameter was therbsigtance of joint M

In addition to many advantages, the basic disadgenof laboratory tests is
the time and cost of their execution. For this oeathe use of numerical analyzes
to simulate the behavior of joints, becomes a neutictivity in research processes.
The FEM analyzes reduce research costs, providé mmace information about
the state of strain and stress of the tested ahjetiich is not possible to achieve
in such a wide range by performing traditional dedive laboratory tests.
It should be noted that in case of using numergcellyzes, the results of such
analysis may be subjected to a relatively largerem the absence of proper
verification and validation of numerical models. the article, the authors
presented the extended results 'BfsBage of multistage hierarchical validation of
FEM models, as a continuation of the validationcpes of FEM models, for the
needs of rotation capacity prediction of joints][23

2. The necessity of validation for the needs of theorrect FEM
modeling

The development of computer technology, whose dimanowth has been
recorded since the 80s of the last century, alloteedlevelop computational
methods using the finite element method to thel lethere the complicated effects
of the examined objects can be calculated on R€sidRsly, it was possible to do
only in computing centers. It is assumed that #sulis obtained in numerical
analyses using the finite element method can bsidered reliable if they are
comparable with the results of experimental re$eanc other known precise
solutions.

In each FEM analysis, the accuracy of the modetvisluated. Relevant
regulations including the formalization of validati and verification procedures
were developed by the American National Institutt Standards [24].
The evaluation of the accuracy of the FEM modelukh@recede every more
serious FEM analysis [25]. The verification procéssan evaluation of the
accuracy of the solution in the FEM calculation elodompared to known
solutions, e.g. analytical solutions. In the vdiiola process, the computational
accuracy of simulated solutions is evaluated by paieon with experimental
results. The validation should be performed grdguat. at the level of the material
model, set of fasteners, subassemblies and steuthgments. In the literature it
has been called as a hierarchical validation [Z# validation is an iterative
process, and the final result in the form of propeterial characteristics and
a calculation model is a set of requirements thatill be met in a computational
model that maps the analyzed real model (Fig. 1. vialidation must evaluate the
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Fig. 1. Diagram of the verification and validatioreraction circle in the numerical
modeling process (on the basis of [24])

predictive ability of the FEM model in its physicaspect and should take into
account any uncertainties that arise from both msults of the numerical
simulation and the experimental data.

The hierarchical validation of FEM models usedhe analysis of the joints
behavior in the full range of deformations was iegrrout as part of the work
[23], [26] in the following four stages:
| Stage — tensile test of steel and bolt specinf€igs 2a),

Il Stage — bolt tensile in the configuration: belivasher — nut (Fig. 2b),
Il Stage — tensile test of the T-stubs (Fig. 2c),
IV Stage — test beam to column connection in thdigoration of frame (Fig. 2d).

BN | I

Fig. 2. Multistage Hierarchical Validation of FEMoufels: a) | stage: the tests of material of steel
samples: b) Il stage: the tests of fasteners ircdndiguration of bolt-washer-nut; c) 11l stage:
the tests of T-stubs; d) IV stage: the joint téstthe configuration of frame
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In Fig. 3 FEM models used in the process of hidiiaat validation were
presented. Introduced 4-stage process of modedtatnt in the scope of material
characteristics describing the properties of thedushaterials and geometrical
features assumes the analysis of the models wifbratit levels of complexity.
Such an attitude enables to obtain the required lgvdetailing which is needed
to obtain results convergent with the results dbotatory tests. Material
characteristics which do not have logarithmic strare a kind of reliability
guarantor of optimized object due to the fact, thauch cases the analysis always
proves earlier achievement of the tolerable staesd strain state. The only
characteristic which complies with the requiremdatsccurate strain mapping of
the tested object is the stress - strain charatitenieferring to cross section
momentary areas, which are real stresses in tloended section. The adjustment
process is obtained as a result of modificatiothefcurveo—¢ to such a form by
which the acceptable compatibility between resuits laboratory tests is achieved.

O,.=0(1+¢) D

true

strue = In(1+ 8) (2)

The area for which the characteristic stress +#sg&nown is determined by
the formula (1) and (2). The modification of then@ican be made only in the
unknown scope of material behavior, that is frora thoment of creating the
neckingin the tested material sample, for which it is irsgble to determine the
stress - strain relation based on the analytidatioas available in the literature.
The value of the maximal stressis determined on the basis of the force value in
the tensile test before failure referred to defatrmmss-section area of the sample
A after failure. The maximal value of the strairtorresponding to maximal stress
duis determined in iterative manner by increasinguauétiong,to such values at
which the best adjustment of the actual response ode is obtained.

3. Laboratory tests of T-stubs

Research program of thé& $alidation stage, included the tensile test of 12
T-stub connections. The study included performing tests of 4 series T-stub
connections with division into rolled and weldedfies.

T-stubs from rolled profiles:
- series HO1 — T-stub of profile HEA 240, steel: S235samples,
- series BO1 — T-stub of profile HEB 240, steel: S355samples.

Welded T-stubs:

- series SPO1 — welded T-stub: end-plate 20 mm, St&ffh — 3 samples,
- series SP02 — welded T-stub: end-plate 12 mm, S&&&%h — 3 samples.

The range of the tested T-stubs was constructedich a way that, in the

tested models, we obtain th#and 2 failure mode according to the classification
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included in the standard [5]. In humerical modeidested objects, geometry
projection has been made based on exact measurefithetelements subjected
to tensile test. During the sample measurementnifiignt geometrical
imperfections of the profiles have been found. @8ons dispersion in thickness
of the flanges for HEB 240 (series BO1) was inrdrege 16.35+17.84 mm and it
was the highest from all tested series. After megaguthe fasteners sets, some
dimension deviations with respect to nominal dinems were also noted
(ISO 4014). These deviations were introduced td-al&! model.

In sample A, series HO1, a strain gauge systemused to measure strains
at predefined characteristic points. The locatibthe strain gauges is shown in
Fig. 3c. In order to measure the strains in thasbal system of strain gauges
arranged on the periphery of the bolt shank wasl irsea radial system with
a 120° offset (Fig. 4a). All tested samples wetachied in an auxiliary holder,

a) b)

Fig. 3. Sample HO1: a) sample of series HO1 irstirtg machine after damage; b) location of
strain gauge in the bolt; ¢) location of strain gain the sample of series HO1

IITTTETTrrTTrm

Fig. 4. Measuring system: a) set of fasteners wistrain gauge system; b) sample of series HO1
before damage
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which ensured the axial introduction of force irethest sample (Fig. 3a).
Measurement of deformations of the examined joirds made by means of an
optical extensometer, measuring the distance ineméfretween 2 points applied
to the side surface of the centre of the testegkeam

The distance between the points was about 100 mrarder to eliminate
the clearances in contact, the prestressing obbdkte with a force of F = 50 kN
has been introduced (Fig. 68)ue to geometrical imperfection in tested samples
in each series the differences in the responsedefvwere noticed (Fig. 5a and
Fig. 5b).
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g. 5. The results of tensile test: a) series Hf)eries B0O1; ¢) series SP01; d) series SP02

4. Description of the numerical model

For the creation of the numerical model 3-dimeralidimite elements type
Tet10, Hex20, Pyr5, Hex8 and Wed6 were used (Figléee multi-linear material
model defined on the basis of the 1st scope oatubical validation (Fig. 7a and
Fig. 7b) was used. The contacts between partielganents of joint were created
as nonlinear with the friction factor assumed far surface in a natural condition
with the value of1=0.2. A reduction in contact stiffness has beerodhiced with
each subsequent iteration. For all contacts imibdel, an augmented Lagrange
contact formulation was applied [27]. Contact stefawere introduced in the
areas of contact between: end plates, washer platej-washer — nut and washer
— head of the bolt. Additionally, radial surfacentaxts between bolt hole and bolt
shank and thread were introduced in the model Gay.



226 K. Ostrowski, A. Koztowski
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Fig. 6. FEM model: a) 3D view (meshing); b) modBl &f T-stub in double symmetry; c) location
of a prestressing force application
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Fig. 7. Material characteristic: a) steel S355hdly grade 10.9 (ISO 4014)

A specific type of contact surface which has be#roduced into the FEM
model is shown irFig. 9c. The last from mentioned contacts createntary
conditions to support the bolt that rests on theeiinsurface of the plate’s hole
caused by a large joint gap. In the initial stagiat deformation, the side surface
of the washer and the upper surface of the plate ha contact, but with a large
gap in the joint they interact between each otoed, plate surface is the support for
the lateral surface of washer. Introducing suchiamisurface is dictated by possible
occurrence of non-coinciding the FEM model causepdmetrating objects.

In the model of washer, three layers of finite edata and the division into
48 elements were introduced. In the area wherththad connects to the nut, mesh
density was increased to the size of 1 mm. In date-pive layers of finite elements
were introduced. The corresponding density of teehin this area greatly helps to
achieve convergence of the FEM model. In summanygelkelaborated meshing
model is a necessary condition to obtain the cometormation of particular
elements of the analyzed joint.
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In order to increase the calculation efficiencydauble symmetry was
introduced to the computational model with resgecthe center planes of the
system, as illustrated in Fig. 6b. In order to eatd the impact of the thread in the
bolt 2 computational models were prepared. In fr& fnodel the bolts with
modeled metric thread were used (Fig. 8a), in deored one the bolt without
thread was used. In this model the nut was perntignesnnected with the bolt
shank(Fig. 8b).

Fig. 9. Contacts: a) radial contact: bolt — endeplg) anti-slip contact: bolt — washer; ¢) contact
between end plate and external surface of washer

The FEM models were loaded in the same method, &ss the case in
laboratory tests, by introducing a displacementlida models with thin end-
plates (series: HO1 and SP02) the load was appii@80 steps. In the BO1 and
SPO1 series, the load was applied in 50 steps.tibosaof the applied loading
are shown in Fig. 6b. The numerical calculationghef analysed objects were
performed using the material characteristics shiomkig. 7.

5. Results comparison and summary

The T-stubs research program presented in the pagped for the needs of
the 3¢ stage of multi-stage hierarchical validation oMFEhodels, provides a wide
range of information needed to geometric discriétinaof analysed objects in
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numerical analysis. Available tools in Ansys sofyaallow to obtain many
interesting results that are only obtainable in thee of advanced numerical
analysis performing. If during the creation of themerical model in a sufficiently
accurate manner the geometrical and material irepgohs are mapped, then as
a result we can obtain not only the deformatiotesté the tested object (Fig. 10),
but also a reliable result of the force distribati-ig. 11) and distribution of
stresses (Fig. 12) in the analysed objects.

Fig. 10. Comparative analysis: a) laboratory temtnge HO1 — type C; b) FEM analysis — sample

series HO1
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Fig. 11. Distribution of forces in the bolt: a) ppsise curve A - T-stub connection: series BO1,
HEB 240, steel grade: S355, the forces in the bitht thread and without thread; b) response
curve Fe — 2nd stage of hierarchical validation

One of the most important results obtained in thedyais is the value of the
maximum force in the bolt, which is comparablehte value of force in the bolt
obtained in the laboratory test in th® &age of validation [23]. The maximum
bolt force in the laboratory test wasufan = 263.18 kN (Fig. 10b — SAF10) and
it is most approximate to the results obtainedumaerical analysis in a bolt in
set with inserted thread (Fig. 8a). The resultsqmeed in Fig. 8a and Fig. 8b
indicate that bolt without thread achieves an enudieformation achievement,
at which the bolt achieves the maximum value ofdoiT he value of the force in
the bolt obtained in the set with the thread islEnan relation to the value of
the force in the bolt in the set without a thread & Fnreas= 273.11 kN.
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Separation of the thread
contact surfaces

Fig. 12. Separation of the thread contact surfaeéseen the bolt and the nut

In the analyzed connection it was observed charsiiteeffect of the increase
in the effective length of the thread. After reachihe plastic stress, a neck is
formed in the area of the thread, which with itsge&reaches up to one-third the
height of the nut (Fig. 12). This effect will nataur in the case of bolt modeling, in
which the bolt is connected to the nut (Fig. 8hjrdduced to the FEM analysis
model of the bolt with thread is dedicated to iadies where there is the need for
accurate assessment of the forces distributidmeimbalyzed model.

a) CurveF-A: HEB 240, series BO1 b) Curve: F-A, Series HO1
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Fig. 13. The results comparison of the numericalyais with the results of laboratory tests:
a) Sample of series B01; b) Sample of series HO1

Relationship of loading F and relative change im tlistance between
reference points are shown in Fig. 13.

Determination of the force distribution in the bigitlaboratory conditions of
the separate structure elements testing (joingsnds etc.) is quite troublesome
and possible only in a certain range of stresssirain. The available research
instruments are well suited for elastic stresslaade a free, unexplored space for
analysis of the force distribution in the bolt ange of plastic deformation.

The analysis of end-plate bolted connections dedtions defined in the
T-stub form is usually performed assuming the gml#si of occurrence of three
plastic hinges (two in the front panel: the finstthe bolt area, the second in the
connection of and-plate with the web panel, thedtpiastic hinge in the bolt).
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In the case under study (Fig. 13b), a fourth mdstige is formed in the web panel.
Fig. 14 shows the progress development of plastiez for the five load phases
defined in the form of displacement. In the firstape, the plastic zones have
developed in the face of end-plate (Fig. 14a)hi 2nd phase the plastic zones
start to develop in the region of the web paneghmbolt axis (Fig. 14b), in the

next phase the plastic zones (in the bolt axis)gménto one the compact zone
and this state is maintained until the end of &s¢ {Fig. 14c, Fig. 14d, Fig. 14e).

) b} g, <

Fig. 14. Development of plastic zones: a) displaaeth = 5 mm; b) displacemerdt= 12.5 mm;
¢) displacemenh = 25 mm; d) displacemet= 37.5 mm; a) displacemefit= 50 mm

This irregularity in the behaviour of the web paisetaused by the membrane
effect which results from the low stiffness of ted-plate. The confirmation of
this phenomenon is the distribution of von Misegesstes depicted in Fig. 15,
along a path located in the bolt axis on the uppeface of the end-plate. There
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Fig. 15. Distribution of stresses in the end-phiteng a path located in the axis of the bolt
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was a significant decrease of stresses in relatigtress at the point of the bolt
fixing and at the point where the end-plate comméxthe web panel. This effect
of the variable redistribution of deformations ipaaticular obstacle to the regular
analytical description of the connection behaviouhe case where the web panel
is the weakest link in the chain.

Conducting a multistage hierarchical validatiom iprerequisite for obtaining
reliable results of the FEM analysis of the examtiobjects. This is particularly
important in relation to the structure and its patibjected to large deformations.
Introduction of material characteristics as a ttesilhe process of tuning the FEM
models implemented as part of the validation allbwsinalyze the behavior of
joints subjected to significant deformations, clas¢he state of exhaustion of the
structural capacity for load transfer.

Finite element method is an alternative approatherpredicting behavior of the
T-stub type connections. Based on the resultsreatan the numerical calculations,
we encounter relatively large difficulties in fortating the analytical relationship
describing the state of the joint's behavior, girtylin the case of laboratory tests.
However, using numerical analyzes, it is much edsiebtain enough data for the
behavioral assessment when statistical methodssackfor this purpose.

References

[1] K. Ostrowski, "Experience in structures designiaccording to European standards,
Jurnal of Civil Engineering, Environment and Aradature, vol. 58, no. 3/l
pp. 203-214, 2011.

[2] K. Weynand, J. P. Jaspart, and M. SteenhuispfiBmy studies of steel building
frames with semirigid joints,Journal of Constructional Steel Researebl. 46, no. 1,
p. 85, 1998/04/01 1998.

[3] U. Kuhlmann and A. Fiirch, "Rotation capacitystéel joints (second draft)," ®OST
C1 — Working Group Meetingdelsinki, 1997.

[4] U. Kuhlmann and A. Firch, "Rotation capacitystéel joints," inCOST Project C1 —
Working Group MeetingClermont-Ferrand, 1996.

[5] M. E. Lemonis and C. J. Gantes, "Incrementaldeling of T-stub connections,"
Journal of Mechanics of Materials and Structureadl, 1, no. 7, pp. 1135-1159, 2006.
Journal of Mechanics of Materials and Structures.

[6] L. Massimo, R. Gianvittorio, S. Aldina, and & Silva Luis, "Experimental analysis
and mechanical modeling of T-stubs with four boper row," Journal of
Constructional Steel Researcsfnl. 101, pp. 158-174, 2014.

[71A. M. Girdo Coelho, F. S. K. Bijlaard, and L.in®es da Silva, "Experimental
assessment of the ductility of extended end plataections,'Engineering Structures,
vol. 26, pp. 1185-1206, 2004.

[8] Y. Shi, G. Shi, and Y. Wang, "Experimental ahéoretical analysis of the moment—
rotation behaviour of stiffened extended end-platennections,” Journal of
Constructional Steel Researafnl. 63, no. 9, pp. 1279-1293, 9// 2007.

[9] G. L. Kulak, J. W. Fisher, and J. H. Struik, Ui@e to Design Criteria for Bolted and
Riveted Joints Second Edition," 2001.



232 K. Ostrowski, A. Koztowski

[L0]H. Agerskov, "Analysis of bolted connectiongbgect to prying,”Journal of the
Structural Divisionpp. 2145-2163, November January 1977.

[11] V. Piluso, C. Faella, and G. Rizzano, "Ultiméthavior of bolted T-stubs. I: Theoretical
model,"Journal of Structural Engineeringpl. 127, no. 6, pp. 686—693, 2001.

[12] V. Piluso, C. Faella, and G. Rizzano, "Struatusemi-Rigid Connections: Theory,
Design and Software," ed: Boca Raton (USA): CRG&r2000.

[13] A. M. Girdo Coelho and L. Simbes da Silva, therical evaluation of the ductility of
a bolted T-stub connection,” iAdvances in Steel Structures (ICASS ddrd:
Elsevier, 2002, pp. 277-284.

[14] A. Girdo Coelho, "Rotation capacity of partdength steel joints with three-dimensional
finite element approachComputers and Structuresyl. 116, pp. 88—97, 2013.

[15] K. Ostrowski and A. Kozlowski, "FEM based assment of the rotation capacity of
bolted joints," inRecent Progress in Steel and Composite Structihesceedings of
the Xl International Conference on Metal Struasr(ICMS2016, Zielona Gora,
Poland, 15-17 June 201,8)016, p. 479: CRC Press.

[16] K. Ostrowski and A. Koztowski, "The influenad end—plate joints stiffening on the
rotation capacity,te/papersyol. 1, no. 2-3, pp. 381-388, 2017. ce/papers.

[17] K. Ostrowski, "Finite element analysis of thatation capacity of beam-to-column
end-plate bolted joints," ed: Eurosteel, 2014.

[18] J.-P. Jaspart, "Etude de la semi-rigidité m@suds poutre-colonne et son influence sur
la résistance et la stabilité des ossatures en'ddisiversité de Liege, Belgique, 1991.

[19] P. Zoetemeijer, "A Design Method for the TemsSide of Statically Loaded, Bolted
Beam-to-Column Connections," (in en), 1974.

[20]B. Yoke, L. Yee, and R. E. Melchers, "Momeatation curves for bolted
connections,Journal of Structural Engineeringpl. 112, pp. 615-635, 1986.

[21] DD ENV 1993-1-1:1992, Eurocode 3: Design of stéeictures — Part 1.1: General
rules and rules for buildingd 992.

[22] EN 1993-1-8:2005 (E), Eurocode 3: Design of stéictures — Part 1-8: Design of
joints, 2005.

[23] K. Ostrowski and A. Koziowski, "Hierarchicablidation of FEM models," irKIV
International Scientific Conference Rzeszéw-Lwovezi{ce. Rzesz¢R015.

[24] L. E. Schwer, "Verification and validation tomputational solid mechanics and the
ASME Standards CommittedIT Transactions on the Built Environmerd]. 84, 2005.

[25]F. Wald, L. Godrich, M. Kurejkova, L. Sabatkd, Kabeld, and D. Kojala,
"Validation and verification in design of structlséeel connectionsge/papersyol. 1,
no. 2-3, pp. 143-152, 2017.

[26] K. Ostrowski and A. Koztowski, "Experimentalidy of the portal frame for the validation
of FEM model of beam to column joint (in Polish)zaSopismo lzynierii Ladowe;,
Srodowiska i Architektury — Journal of Civil Enginéey, Environment and Architecture,
JCEEA. T. XXXIV, Z. 64 (3/I/17), pp. 437446, 20001:10.7862/rb.2017.136.

[27] A. Mijar and J. Arora, "An augmented Lagrangiaptimization method for contact
analysis problems, 1: formulation and algorithr8ftuctural and Multidisciplinary
Optimization,ol. 28, no. 2-3, pp. 99-112, 2004.

Przestano do redakcji: 10.05.2018 r.
Przyjeto do druku: 15.06.2018 r.



Informacje dodatkowe

1.

Lista recenzentow wspotpracujacych bedzie opublikowana w czwartym numerze Cza-
sopisma Inzynierii Lgdowej, Srodowiska i Architektury: 64(4/17) oraz na stronie inter-
netowej:
www.oficyna.prz.edu.pl/pl/zeszyty-naukowe/czasopismo-inzynierii-ladowej-s/
(dotychczasowa nazwa: Zeszyty Naukowe Politechniki Rzeszowskiej, Budownictwo
i Inzynieria Srodowiska), strona internetowa:
www.oficyna.prz.edu.pl/pl/zeszyty-naukowe/budownictwo-i/

Zasady recenzowania sa udostepnione na stronie internetowe;:
www.oficyna.prz.edu.pl/zasady-recenzowania/

Informacje dla autoréw artykutdéw sa udostgpnione na stronie internetowe;j:
oficyna.prz.edu.pl/informacje-dla-autorow/

Formularz recenzji jest udost¢pniony na stronie internetowej:
www.oficyna.prz.edu.pl/pl/zeszyty-naukowe/czasopismo-inzynierii-ladowej-s/
Instrukcja dla autoréw omawiajaca szczegdtowo strukture artykutu, jego uktad, spo-
sob przygotowywania materiatu ilustracyjnego i pi$miennictwa jest zamieszczona na
stronie internetoweyj:

www.oficyna.prz.edu.pl/pl/instrukcja-dla-autorow/

oraz

www.oficyna.prz.edu.pl/pl/zeszyty-naukowe/czasopismo-inzynierii-ladowej-s/ w za-
ktadce ,,Instrukcja dla autorow”

Dane kontaktowe do redakcji czasopisma, adresy pocztowe i e-mail do przesytania
artykutdw oraz dane kontaktowe do wydawcy sa podane na stronie internetowej (Ko-
mitet Redakcyjny):
www.oficyna.prz.edu.pl/pl/zeszyty-naukowe/czasopismo-inzynierii-ladowej-s/

Zasady recenzowania, informacje dla autorow, formularz recenzji, instrukcja dla autorow
i dane kontaktowe do redakcji czasopisma i wydawcy bedg réwniez opublikowane
w czwartym numerze Czasopisma Inzynierii Lgdowej, Srodowiska i Architektury, 7. 65
(4/2018).

Ark. wyd. 13,46. Ark. druk. 14,75.
Oddano do druku we wrze$niu 2018 r. Wydrukowano we wrze$niu 2018 r.
Zaktad Poligrafii Politechniki Rzeszowskiej, al. Powstancow Warszawy 12, 35-959 Rzeszow
Zam. nr 82/18



